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FOREWORD

The present thesis is the outcome of several years of research and activity in the field of
structural joints.

My first contact with this subject dates back to 1984 at the occasion of my diploma work
devoted to the study of the carrying capacity of columns partially restrained at the ends by
semi-rigid joints. As an assistant at the Department MSM of the University of Liege, 1
have then the opportunity to investigate more deeply the local behaviour of steel and
composite joints and their influence on the resistance and stability of frames through
different projects sponsored by CRIF (Centre de Recherches scientifiques et techniques de
I'Industrie des Fabrications métalliques) and IRSIA (Institut pour la Recherche
Scientifique dans I'Industrie et I’Agriculture) on one side, and by ECSC (European
Convention for Steel and Coal) on the other hand. I carry out experimentation and
develop theoretical models for joint characterization, frame analysis and verification of the
serviceability and ultimate limit states. This material constitutes the background of the
Ph.D. Thesis that I present in early 1991.

This favourable concatenation of circumstances is not casual; it clearly results from the
action of Professor Maquoi who encourages me continuously since 1984 in my numerical,
theoretical and experimental developments at the University and helps me in establishing
links with scientists outside Belgium. In 1988, he gives me the opportunity to attend the
meetings of the Technical Committee 8.1/8.2 « Structural Stability » of ECCS (European
Convention for Constructional Steelwork) and in 1989, of the Technical Committee 10
« Connections » of ECCS. I become full member of TC10 some years later.

Since 1991, I concentrate my activity, through three main projects, on the local behaviour
of the joints.

Two of these projects are funded by the European Community (SPRINT and ECSC) n
the frame of international collaborations. Through these projects, a design handbook on
«Frame Design including Joint Behaviour » and design tools for joint design are
developed. The third one which is funded by the Walloon Region of Belgium in the frame
of the European COST C1 Project extends over three years and allows to set up in Liége
a research team of more or less four persons in which I ensure the coordination and the
scientific guidance.

The contacts with international experts is quite important to select the research topics that
I have to investigate with the highest priority. From that point of view, the Chairmanship
of the COST C1 Working Group on « Steel and Composite Connections » offers me since
1992 opportunities to have a quite good overview of the ongoing researches in my field of
activity.

Research in steel construction has to open on practical applications and to achieve this
goal, a transfer of technologies is needed. In this context, two steps have to be
contemplated. The first one is the codification of design rules in national or international
codes. The second consists in the development of simplified design tools for practitioners.
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I have the chance to contribute to both in the last years, first as one of the three drafters of
the revised Annex J of Eurocode 3 devoted to the design of steel joints, and then as a
partner in the two aforementioned european ECSC and SPRINT projects.

I also take part in the drafting of a similar annex for Eurocode 4 dealing with composite
joints.

It stands to reason that the contents of the thesis that you will discover all along the
following pages profited by all these exchanges and fruitful contacts.

The context in which the thesis has been prepared being now specified, I wish you
pleasant reading and hope you will feel interested in the following pages.

Jean-Pierre Jaspart
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PREFATORY CHAPTER

Traditionally the design of a steel frame is achieved by assuming that the constitutive
beam-to-column joints, beam splices, column splices and column bases are rigid or pinned.

Rigid joints are those where no relative rotation occurs between the connected members
all along their loading. These joints transfer mainly bending moments, but also shear and
axial forces.

In pinned joints, no bending moment is transferred between the connected members; their
rotational response is characterized by a free rotation between the connected members.

Since decades, it is widely recognized that no actual joint exhibits such idealized
behaviours; any joint transfer bending moments and enables a relative rotation to take
place between the connected members. The joints are semi-rigid and the design of the
frames should be performed accordingly, the degree of rotational flexibility of the joint
influencing the distribution of internal forces in the frame, the field of displacements and
the failure mode with regard to the traditional assumptions of rigid or pinned joints.

In these conditions, it may be asked why the concept of rigid and pinned joints is still
widely used even though, as we will see later, the design of almost rigid and pinned joints
is often difficult to achieve and costly.

To answer this question, let us follow the successive steps of the frame analysis and
design process in cases where rigid or pinned joints and semi-rigid joints are used
respectively.

In a traditional design (see Figure 1), the joints are assumed to be rigid or pinned right at
the beginning of the design process. The design of the frame is then performed
accordingly :

e Predesign, aimed at determining roughly beam and column profiles which would allow
the frame to satisfy the design requirements in terms of deformability or resistance and
stability under service and ultimate loads. The designer’s experience is of great help to
select appropriate profiles. But simple predesign procedures exist and may also be
used.

e Frame analysis, aimed at defining the internal forces, and their distribution along the
members.

o Check of the limit states, aimed at verifying whether the frame satisfies or not the
design requirements : displacements, resistance of the section, stability of the members
or global stability of the frame.

When the frame is not satisfying the design requirements, or does not satisfy them in an
economical way (oversized members), new beam and column profiles are selected and the
frame analysis is repeated.
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An appropriate predesign limits obviously the number of iterations to perform before
reaching the optimum solution, which is often considered as that leading to the minimum
structural weight.

At the end of this process, the frame is defined; it remains than to design the joints. These
ones have to satisfy the assumption made at the beginning of the design process - rigid or
pinned - and to be able to transfer the maximum applied forces to which they are likely to
be subjected. These applied forces are known from the frame analysis.

In fact, two possibilities exist for what regards the resistance of the joints :

o the joints are designed for the maximum applied forces; if these ones are lower than
those that the connected members are able to support, the joints are called « partial
strength ».

e the joints are designed in such a way that their resistance is at least equal to that of the
connected members; the joints are then called « full strength ».

Figure 1 illustrates rather well the clear separation between frame and joint design. The
two tasks are not interacting so much so that they are often carried out by different
persons inside the same engineering office; in some countries, the engineer designs the
frame and the constructor is responsible for the joint design.

Because of their high rotational stiffness, rigid joints attract high bending moments and
relieve the beam and column elements. Their use allows to reduce the size of the members
and therefore the weight of the structure. This gives to the designer the feeling of an
optimum solution.

In reality, rigid joints are generally quite expensive as they require stiffening systems, such
as transverse of diagonal column web stiffeners which increase substantially the
fabrication and erection costs.

The manpower costs being significantly higher than the material ones, the benefit obtained
through an optimum design in terms of structural weight is much more than
counterbalanced by the fabrication and erection costs.

In fact, a rigid joint is nothing else than an idealization; all the joints have a certain degree
of flexibility but some are so stiff that their behaviour may be assimilated to that of a
perfect rigid joint. Until recently, no objective criterion was available to decide whether a
joint is rigid or not and, to avoid any inconsistency between the actual joint behaviour and
that considered in the frame analysis, stiffeners were more or less systematically
recommended.
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Figure 1 Traditional design procedure
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Nowadays, classification criteria, that are introduced in Chapter 1, are available. They
allow to determine the minimum rotational stiffness than the joints have to possess so as
to be considered as rigid.

Through their use, some unstiffened joints are seen to be rigid. A rather optimum solution
in terms now of structural weight and fabrication costs is then found. But in most of the
cases, the unstiffened joints are semi-rigid and the design of the frame has to be performed
accordingly.

This however requires an evaluation of the stiffness and resistance properties of these
unstiffened joints and it is clear that the lack of knowledge on this so-called joint
characterization is one of the main reasons to explain that the traditional design approach
has been considered as the reference for decades.

In Figure 2, another design approach is followed, in which the joints are considered as
actual frame elements, as beams and columns.

In the predesign step, beam and column members are selected, as usually, but also the
connection type and detailing. Use can be made of tables of standardized joints as those
presented in Chapter 6. The joints are chosen so as to be cheap for fabrication and
erection, and not to fulfil stiffness requirements as in the traditional approach. The
stiffness and/or resistance properties of the beams, column and joints are then evaluated
before performing the frame analysis and checking the suitability of the frame for what
regards serviceability and ultimate limit states. No design of the joints is needed as their
mechanical properties have been taken into consideration in the frame analysis and design
process.

Such an approach gives more freedom to the designer to optimize the total cost of the
structure including material, fabrication and erection costs, but prevents at first sight any
share of the design responsibility between, for instance, the designer and the constructor.
The fact that the engineer, who is not necessarily aware of the fabrication and erection
aspects which are largely dependent on the constructor’s equipment, has to select what he
considers as cheap joints may also appear as a detrimental aspect of this new design
philosophy. But answers have been brought to these criticisms and appropriate solutions
allowing simultaneously to design frames and joints for economy, to share the design
responsibilities, if required, and let the final detailing of the joints in the hands of the more
appropriate person, i.e. the constructor. These solutions are extensively described in [E4].

The new design approaches are linked to the recent research developments in the field of
semi-rigid joints and frames including semi-rigid joints.

In fact, the inclusion of the joint properties in the frame design and analysis process
required to investigate several aspects at the local joint level and at the frame level.



Prefatory chapter

STRUCTURAL CONCEPTION

Frame

Joints

(Geometry, Member types etc.) (Rigid, Pinned, Semi Rigid)

ESTIMATION
of loads

:

PRE-DESIGN
Choice & classification of members

Choice of joints

Y

DETERMINATION

of mechanical properties

(Stiffness
Rotation Capacity &
Strength)

:

GLOBAL ANALYSIS

'

STRUCTURAL RESPONSE

Limit States
(ULS, SLS)

no, other members
other type of joint
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Figure 2 Other possible design procedure
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Local joint level

¢ The characterization of the joint behaviour in terms of stiffness and resistance, but also
rotation capacity is a key problem.

e The classification allows to distinguish rigid and pinned joints from semi-rigid ones,
but also partial strength joints from full strength ones.

e The modelling of the joint defines the way in which the rotational response of the joints
will be locally reflected at the frame level in view of the structural analysis.

o The idealization consists in idealizing the actual non-linear rotational response of the
joints in view of the frame analysis. For instance, a linearization of the joint response is
required for an elastic frame analysis.

Frame level

e Specific predesign procedures for frames including semi-rigid joints may be needed in a
first step for designers whose experience with semi-rigid frames is not yet sufficient.

e Methods of analysis taking the rotational response of the joints into consideration have
to be made available to designers.

o The verification of the limit states is an important step in the design process; it has also
to integrate the presence of joints at the end of the structural members.

The four first aspects are described and commented in Chapter 1 of the present thesis. The
three last ones have been extensively discussed in our Ph.D. Thesis [J1]. But that is in the
design handbook for the Design of Frames including Joint Behaviour [E4] that the
interested designer will find basic information, application rules and worked examples
covering the whole design process. This handbook, which is presented in Chapter 6 of the
present thesis, should be available in early 1997. Moreover Chapter 1 of the present thesis
is largely inspired by one of the chapter that we have drafted for the handbook.

Most of the research works on joints carried out in the last decades focused on beam-to-
column major axis joints with welded or end-plate connections and subjected to bending
moments and shear forces. In these joints, the H or I beam and column profiles are bent
about their major axes or, in other words, the beam is connected to the flange of the
column.

As a result, the old Annex J of Eurocode 3 dealing with the design of joints was only
covering these two joint configurations.

But it appears quickly to users that the number of cases covered by this annex was too
limited to allow a use in daily practice; moreover the need for a single design philosophy
for joints applicable to all the joints whatever is their connection types was expressed. And
finally, some of the design rules contained in the old Annex J were shown to be either too
conservative or a bit unconservative.



Prefatory chapter

As a result, CEN (Comité Européen de Normalisation) took the decision to revise the so-
called old Annex J.

When, in the present thesis, we refer to « Annex J » or to « revised Annex J », the new
revised document is concerned. We systematically use the expression « old Annex J » to
designate the previous one.

During the revision of the annex, its scope has been widen to beam splices and flange
cleated connections following experimental and theoretical investigations on these joints
and the adoption of the so-called component method described in Chapter 2 of the present
thesis.

But to come to a wide acceptance of the new frame and joint design philosophies, the list
of the joints for which characterization tools are available should not be limited to classical
cases. This explains why, besides our activity as one of the drafters of Eurocode 3 revised
Annex J, we devoted time in the last years to the extension of the component method to
other types of joint configurations such as :

® minor axis joints;

column bases;
e major axis joints with haunches, intermediate stiffeners, ...

e composite joints;

joints made of high strength steels (HSS).

We also realized the need for more knowledge in the field of joints belonging to pitched-
roof portal frames where :

the members are not perpendicularly connected;

e the joints are subjected to high axial forces in addition to bending moments and shear
forces;

e the use of rather slender built-up profiles leads to specific instability problems within
the joints;

e the use of the classification and idealization as it is recommended in Eurocode 3 for
« rectangular » frames where the members are perpendicularly connected is
questionable.

In the present thesis, all these different aspects are dealt with.

For some of them, carried out in collaboration with young colleagues working under our
uidance, we deliberately limit the contents of the related sections to a presentation of the
main research results, without any background or detailed justification, so as to allow
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these young colleagues to valorize their work, by themselves, for instance in the frame of
a Ph.D. Thesis.

The contribution to the design of composite joints that we reflect in the thesis is the
outcome of the activities of a european working group in which we worked during the
two last years. A publication emanating from this group is presently in the press. Only a
brief summary of the group activities and of the contents of the publication is therefore
given in this thesis.

For all the other parts of the thesis, the reader will find more background informaticn and
justification of the proposed design rules.
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Chapter 1 - General introduction 1.1.

1. GENERAL INTRODUCTION

1.1 Definitions

Building frames consist of beams and columns, usually made of H- or I- shapes, that are
assembled together by means of connections. These connections are between two
beams, two columns, a beam and a column or a column and the foundation (Figure 1-1).

A B A
(\ — /}
L/ N/ \L
A A Beam-to-column joint
-
ch NP\ % H ¢ B Beam splice

1 A i C Column splice

. 3N A
A NI A V4 A Y D Column base
D

Figure 1-1 Different types of connections in a building frame

A connection is defined as the set of the physical components which mechanically
fasten the connected elements. One considers the connection to be concentrated at the
location where the fastening action occurs, for instance at the beam end/column
interface in a major axis beam-to-column joint. When the connection as well as the
corresponding zone of interaction between the connected members are considered
together, the wording joint is then used (Figure 1-2.a).

Depending on the number of in-plane elements connected together, single-sided and
double-sided joint configurations are defined (Figure 1-3). In a double-sided

configuration (Figure 1-3.b), two joints - left and right - have to be considered (Figure 1-
2.B.).

The definitions illustrated in Figure 1-2 are valid for other joint configurations and
connection types.

As explained previously, the joints which are traditionally considered as rigid or pinned
and are designed accordingly, possess, in reality, their own degree of flexibility resulting
from the deformability of all the constitutive components. Section 1.2 is aimed at
describing the main joint deformability sources. Section 1.3 provides information on
how to model the joints in view of the frame analysis; this modelling depends on the
level of joint flexibility. In Section 1.4, the way in which the shape of the non-linear
joint deformability curves may be idealized is given. Section 1.5 refers to the component
method as a general tool for the prediction of the main joint mechanical properties in
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bending. The concept of joint classification is introduced in Section 1.6. Finally, it is
commented on the ductility classes of joints in Section 1.7.

Connection

Left joint Right
connection
(a) Single sided joint configuration (b) Double sided joint configuration

Figure 1-2 Joints and connections

T L T

(a) Single-sided (b) Double-sided

Figure 1-3 In-plane joint configurations

1.2 Sources of joint deformability

As said in the prefatory chapter, the rotational behaviour of the joints may affect the
local and/or global structural response of the frames. In this section, the sources of

rotational deformability are identified for beam-to-column joints, splices and column
bases.

It is worthwhile mentioning that the rotational stiffness, the joint resistance and the

rotation capacity are likely to be affected by the shear force and/or the axial force acting
in the joint.

These shear and axial forces may obviously have contributions to the shear and axial
deformability within the connections. However it is known that these contributions do
not affect significantly the frame response; therefore, the shear and axial responses of
the connection, in terms of rotational deformability, are neglected.
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1.2.1 Beam-to-column joints

1.2.1.1 Major axis joints

In a major axis beam-to-column joint, different sources of deformability can be
identified. For the particular case of a single-sided joint (Figure 1-4.a and Figure 1-5.a),
these are:

The deformation of the connection. It includes the deformation of the connection
elements : column flange, bolts, end-plate or angles,... and the load-introduction
deformation of the column web resulting from the transverse shortening and
elongation of the column web under the compressive and tensile forces Fj acting on
the column web. The couple of F}, forces are statically equivalent to the moment M),
at the beam end. These deformations result in a relative rotation ¢, between the beam
and column axes; this rotation, which is equal to 6, - 6. (see Figure 1-4.a) is
concentrated mainly along edge BC and provides a flexural deformability curve M}, -
9.

The shear deformation of the column web panel associated to the shear force V,
acting in this panel. It leads to a relative rotation y between the beam and column
axes; this rotation makes it possible to establish a shear deformability curve V,-¥.

The deformability curve of a connection may obviously be influenced by the axial and
shear forces possibly acting in the connected beam.

Similar definitions apply to double-sided joint configurations (Figure 1-4.b and Figure
1-5.b). For such configurations, two connections and a sheared web panel, forming two
joints, must be considered.

In short, the main sources of deformability which must be contemplated in a beam-to-
column major axis joint are :

Single-sided joint configuration :

- the connection deformability M;-@, characteristic;
- the column web panel shear deformability V,-ycharacteristic.

Double-sided joint configuration :

- the left hand side connection deformability M;;-¢.; characteristic;
- the right hand side connection deformability M,-¢.; characteristic;
- the column web panel shear deformability V,-y characteristic.
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Fo= Mu/z

(a) Single-sided joint configuration (b) Double-sided joint configuration

Figure 1-4 Sources of joint deformability

The deformability of the connection (connection elements + load-introduction) is only
due to the couple of forces transferred by the flanges of the beam (equivalent to the
beam end moment M;). The shear deformability of the column web panel results from
the combined action of these equal but opposite forces and of the shear forces in the
column at the level of the beam flanges. Equilibrium equations of the web panel provide
the shear force V, (see Figure 1-5 for the sign convention) :

MbJ_Mb2 _ Va—Va

cl

V = 1.1
! z 2 (1)
Another formula to which it is sometimes referred, i.e. :
vV, = Mo = My (1.2)
V4

is only a rough and conservative approximation of (1.1).

In both formulae, z is the lever arm of the resultant tensile and compressive forces in the
connection(s). How to derive the value of z is explained in Chapter 3.
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a) Single-sided joint (b) Double-sided joint

Figure 1-5 Loading of the web panel and the connections

1.2.1.2 Minor axis joints

A similar distinction between web panel and connection shall also be made for a minor
axis joint (Figure 1-6). The column web exhibits a so-called out-of-plane deformability
while the connection deforms in bending as it does in a major axis joint. However no
load-introduction deformability is involved.
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a
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Fo=My/z

Figure 1-6 Deformability of a minor axis joint

In the double-sided joint configuration, the out-of-plane deformation of the column web
depends on the bending moments experienced by the right and left connections (see
Figure 1-7) :

AM[, = Mb1 & Mbg (13)

For a single-sided joint configuration (Figure 1-6), the value of AM,, equals that of M,

Figure 1-7 Loading of a double-sided minor axis joint

1.2.1.3 Joints with beams on both major and minor column
axes

A 3-D joint is (Figure 1-8) characterized by the presence of beams connected to both the
column flange(s) and web. In such joints, a shear deformation (see 1.2.1.1) and an out-
of-plane deformation (see 1.2.1.2) of the column web develop coincidently.

The loading of the web panel appears therefore as the superimposition of the shear

loading given by formulae (1.1) or (1.2) and the out-of-plane loading given by formula
(1.3).
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Figure 1-8 Example of a 3-D joint

The joint configuration of Figure 1-8 involves two beams only; configurations with
three or four beams can also be met.

1.2.2 Beam splices and column splices

The sources of deformability in a beam splice (Figure 1-9) or in a column splice (Figure
1-10) are less than in a beam-to-column joint; indeed they are concerned with
connections only. The deformability is depicted by the sole Mj-¢ curve.

The single Mj-¢ curve corresponds to the deformability of the whole joint, i.e. the two
constituent connections (left connection and right one in a beam splice, upper
connection and lower one in a column splice).

In a column splice where the compressive force is predominant, the axial force affects in
a significative way the mechanical properties of the joint, i.e. its rotational stiffness, its
strength and its rotation capacity. The influence, on the global frame response, of the
axial deformability of splices is however limited; therefore it is neglected.

1

Left connection J \ Right connection Left connection J k Right connection

| e . o 2
tir i3

® G f

=

Figure 1-9 Deformation of a beam splice
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Upper connection Upper connection
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Lower connection Lower connection
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Figure 1-10 Deformation of a column splice

1.2.3 Beam-to-beam joints

The deformability of a beam-to-beam joint (Figure 1-11) is quite similar to the one of a
minor axis beam-to-column joint; the loadings and the sources of deformability are
similar to those expressed in 1.2.1.2 and can therefore be identified.

Figure 1-11 Deformation of a beam-to-beam joint

1.2.4 Column bases

In a column base, two connection deformabilities need to be distinguished (Figure 1-

12):

¢ the deformability of the connection between the column and the concrete foundation
(column-to-concrete connection),

e the deformability of the connection between the concrete foundation and the soil
(concrete-to-soil connection).
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For the column-to-concrete connection, the bending behaviour is represented by a M.-¢
curve, the shape of which is influenced by the ratio of the bending moment to the axial
load at the bottom of the column.

For the connection between the concrete foundation and the soil, two basic

deformability curves are identified:

e a N,-u curve which corresponds to the soil settlement due to the axial compressive
force in the column; in contrast with the other types of joint, this deformability curve
may have a significant effect on the frame behaviour;

e a M,-¢ curve characterizing the rotation of the concrete block in the soil.

As for all the other joints described above, the deformability of the column base due to
the shear force in the column may be neglected.

The column-to-concrete connection and concrete-to-soil connection M,-¢ characteristics

are combined in order to derive the rotational stiffness at the bottom of the column and
conduct the frame analysis and design accordingly.

Similar deformability sources exist in column bases subjected to biaxial bending and
axial force. The connection M -¢ characteristics are then defined respectively for both
the major and the minor axes.

Ne

Me

._J\/_,_

Column-to-concrete
"connection"

Concrete-to-soil
"connection"

Figure 1-12 The connections in a column base

1.3 Joint modelling
1.3.1 General

Joint behaviour affects the structural frame response and shall therefore be modelled,
just like beams and columns are, for the frame analysis and design. Traditionally, the
following types of joint modelling are considered :
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For rotational stiffness :
e rigid;
e pinned.

For resistance :

e full strength;
e partial strength;
e pinned.

When the joint rotational stiffness is of concern, the wording rigid means that no
relative rotation occurs between the connected members whatever be the applied
moment. The wording pinned postulates the existence of a perfect (i.e. frictionless)
hinge between the members. In fact these definitions may be relaxed, as explained in
Section 1.6 devoted to the joint classification. Indeed rather flexible but not fully pinned
joints and rather stiff but not fully rigid joints may be considered as fairly pinned and
fairly rigid respectively. The stiffness boundaries allowing one to classify joints as rigid
or pinned are examined in Section 1.6.

For what regards the joint resistance, a full-strength joint is stronger than the weaker of
the connected members, what is in contrast with a partial-strength joint. In the daily
practice, partial-strength joints are used whenever the joints are designed to transfer the
internal forces and not to resist the full capacity of the connected members. A pinned
joint transfers no moment. Related classification criteria are conceptually discussed in
Section 1.6.

Consideration of rotational stiffness and resistance joint properties leads to three
significant joint modellings:

e rigid/full-strength;

e rigid/partial-strength;

e pinned.

However, as far as the joint rotational stiffness is considered, joints designed for
economy may be neither rigid nor pinned but semi-rigid. There are thus new
possibilities for joint modelling :

e semi-rigid/full-strength;

e semi-rigid/partial-strength.
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STIFFNESS RESISTANCE
Full-strength Partial-strength | Pinned
Rigid Continuous Semi-continuous -
Semi-rigid Semi- Semi-continuous -
continuous
Pinned - - Simple
- : Without meaning

Figure 1-13 Types of joint modelling

With a view to simplification, Eurocode 3 Chapter 6 and Annex J account for these
possibilities by introducing three joint models (Figure 1-13):

e continuous :
® Ssemi-continuous

e simple :

covering the rigid/full-strength case only;

covering the rigid/partial-strength, the semi-rigid/full-
strength and the semi-rigid/partial-strength cases;

covering the pinned case only.

The following meanings are given to these terms :

e continuous :
e semi-continuous :

e simple :

the joint ensures a full rotational continuity between the
connected members;

the joint ensures only a partial rotational continuity
between the connected members;

the joint prevents from any rotational continuity
between the connected members.

The interpretation to be given to these wordings depends on the type of frame analysis
to be performed. In the case of an elastic global frame analysis, only the stiffness
properties of the joint are relevant for the joint modelling. In the case of a rigid-plastic
analysis, the main joint feature is the resistance. In all the other cases, both the stiffness

and resistance properties govern the manner the joints shall be modelled. These
possibilities are illustrated in Figure 1-14.
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TYPE OF FRAME ANALYSIS
MODELLING
Elastic analysis | Rigid-plastic Elastic and elastic-plastic (or
analysis elastoplastic) analysis
Continuous Rigid Full-strength Rigid/full-strength
Semi- Semi-rigid Partial-strength | Rigid/partial-strength
continuous
Semi-rigid/full-strength
Semi-rigid/partial-strength
Simple Pinned Pinned Pinned

Figure 1-14 Joint modelling and frame analysis

1.3.2 Modelling and sources of joint deformability

The difference between the loading of the connection and that of the column web in a
beam-to-column joint (see Section 1.2) requires, from a theoretical point of view, that

account be taken separately of both deformability sources when designing a building
frame.

However doing so is only feasible when the frame is analysed by means of a
sophisticated computer program which enables a separate modelling of both
deformability sources. For most available softwares, the modelling of the joints has to
be simplified by concentrating the sources of deformability into a single rotational
spring located at the intersection of the axes of the connected members.

1.3.3 Simplified modelling according to Eurocode 3

For most applications, the separate modelling of the connection and of the web panel
behaviour is neither useful nor feasible; therefore only the simplified modelling of the
joint behaviour (see Section 1.3.2) will be considered in the present document. This idea
is the one followed in the ENV 1993-1-1 experimental standard (Chapter 6 and
Annex J). Figure 1-15, excerpted from the revised Annex J, shows how to relate the

simplified modelling of typical joints to the basic wordings used for the joint modelling:
simple, semi-continuous and continuous.
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JOINT BEAM-TO-COLUMN JOINTS COLUMN

BASES
MODELLING MAJOR AXIS BENDING SPLICES

SIMPLE

SEMI-

CONTINUOUS

CONTINUOUS

Figure 1-15 Simplified modelling for joints according to Eurocode 3
1.3.4 Concentration of the joint deformability

For the daily practice a separate account of both the flexural behaviour of the connection
and the shear (major axis beam-to-column joint) or out-of-plane behaviour of the
column web panel (minor axis beam-to-column joint configurations or beam-to-beam
configurations) is not feasible. This section is aimed at explaining how to concentrate
the two deformabilities into a single flexural spring located at the intersection of the
axes of the connected members. The background of this concentration process and its
justification are available in our Ph.D. Thesis [J1].

1.3.4.1 Major axis beam-to-column joint configurations

In a single-sided configuration, only one joint is concerned. The characteristic shear-
rotation deformability curve of the column web panel (see Figure 1-4 and Figure 1-16.b)
is first transformed into a M-y curve through the use of the transformation parameter B.
This parameter, defined in Figure 1-17.a, relates the web panel shear force to the (load-
introduction) compressive and tensile forces connection (see also formulae 1.1 and 1.2).
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Ms, M;

Mb,i Mb,i

(a) Connection (b) Shear panei (c) Spring
Figure 1-16 Flexural characteristic of the spring

The M,-¢ spring characteristic which represents the joint behaviour is shown in Figure
1-16.c; it is obtained by summing the contributions of rotation, from the connection (¢.)
and from the shear panel (y). The M;-¢ characteristic of the joint rotational spring
located at the beam-to-column interaction is assumed to identify itself to the My-¢
characteristic obtained as indicated in Figure 1-16.c.

> B Mp Mp2 s 2 Mp1
Vin Fb Fb2 V, Fb1
Vn
V

/\/' Fb Fb2 | n Fb1
Vo=BFp Vo =B1Fn
= B Fpo

where Fp = My/z where Foy=Mpy/z

sz = Mbg/Z

(a) Single-sided joint configuration (b) Double-sided joint configuration

Figure 1-17 Definition of the transformation parameter 3

In a double-sided configuration, two joints - the left one and the right one - are
concerned. The derivation of their corresponding deformability curves is conducted
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similarly as in a single-sided configuration by using transformation parameters ; and 3,
(Figure 1-17.b).

Because the values of the J parameters can only be determined once the internal forces
are known, their accurate determination requires an iterative process in the global
analysis. For practical applications, such an iterative process is hardly acceptable
provided safe B values be available. These values may be used a priori to model the
joints and, on the basis of such joint modelling, the frame analysis may be performed
safely in a non-iterative way.

The recommended but approximate values of f, where f; is taken as equal to f3, for
double-sided configurations, are given in Eurocode 3 revised Annex J. They vary from
= 0 (double-sided joint configuration with balanced moments in the beams) to f = 2
(double-sided joint configuration with equal but unbalanced moments in the beams).
These two extreme cases are illustrated in Figure 1-18.

T
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(a) Balanced beam moments (b) Equal but unbalanced beam moments

Figure 1-18 Extreme cases for § values
1.3.4.2 Minor axis beam-to-column joint configurations and
beam-to-beam configurations

Similar concepts as those developed in Section 1.3.4.1 could be referred to for minor
axis beam-to-column joint configurations and beam-to-beam configurations. The
definition of the transformation parameter is somewhat different (see Figure 1-19).

Approximate values of [ (assuming f3; = ;) for these joint configurations may be found
in [E4].

1.3.5 Notations

For sake of consistency within the present Chapter, the moment in the joint is denoted
M; in the following sections. In the other chapters, a more simple notation M is used so
as to lighten the figures and the formalism of the equations.

1.4 Joint idealization

The non-linear behaviour of the isolated flexural spring which characterizes the actual
joint response does not lend itself towards everyday design practice. However the
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moment-rotation characteristic curve may be idealized without significant loss of
accuracy. One of the most simple idealizations possible is the elastic-perfectly plastic
one (Figure 1-20.a). This modelling has the advantage of being quite similar to that used
traditionally for the modelling of member cross-sections subjected to bending (Figure 1-
20.b).
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(a) Single-sided joint configuration

(b) Double-sided joint configuration

Figure 1-19 Definition of the transformation parameter
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Figure 1-20 Bi-linearization of moment-rotation curves
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The moment Mjg; that corresponds to the yield plateau is termed design moment
resistance in Eurocode 3 (see Appendix 1). Strain-hardening effects and possible
membrane effects are henceforth neglected; that explains the difference in Figure 1-20
between the actual M;-¢ characteristic and the yield plateau of the idealized one (see
Appendix 2).

The value of the constant stiffness is discussed below.

In fact there are different possible ways to idealize a joint M;-¢ characteristic. The
choice of one of them is subordinated to the type of frame analysis which is
contemplated:

- Elastic idealization for an elastic analysis (Figure 1-21) :

The main joint characteristic is the constant rotational stiffness.

Two possibilities” are offered in Eurocode 3 Annex J :

Elastic verification of the joint resistance (Figure 1-21.a) : the constant
stiffness is taken equal to the initial stiffness S;;,; at the end of the frame
analysis, it shall be checked that the design moment M;s; experienced by the
joint is less than the maximum elastic joint moment resistance defined as 2/3
M; ra;

Plastic verification of the joint resistance (Figure 1-21.b) : the constant
stiffness is taken equal to a fictitious stiffness, the value of which is
intermediate between the initial stiffness and the secant stiffness relative to
M rg; it is defined as S;;,/1 (values of m are given in Eurocode 3 revised
Annex J and discussed in Chapter 4). This idealization is valid for M;g,
values less than or equal to Mg, .

- Rigid plastic idealization for a rigid-plastic analysis (Figure 1-22).

Only the design resistance M;r, is needed. In order to allow the possible plastic
hinges to form and rotate in the joint locations, it shall be checked that the joint
has a sufficient rotation capacity.

- Non-linear idealization for an elastic-plastic analysis (Figure 1-23).

The stiffness and resistance properties are of equal importance in this case. The
possible idealizations range from bi-linear, tri-linear representations, ... to the

fully non-linear curve. Again rotation capacity is required in joints where plastic
hinges are likely to form and rotate.

* - g eqe . 5 . . . .
A third possibility is expressed in Annex J. It leads to an iterative analysis procedure and is therefore not
of practical interest. It is therefore not presented here.
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Figure 1-21 Linear representation of a Mj-¢ curve
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Figure 1-22 Rigid-plastic representation of a M;-¢ curve
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Figure 1-23 Non-linear representations of a M;-¢ curve

1.5 Joint characterization

An important step when designing a frame consists in the characterization of the
rotational response of the joints.

Three main approaches may be followed :
e experimental;

e numerical;

e analytical.

The only practical one for the designer is the analytical approach. Analytical procedures
enable a prediction of the joint response based on the knowledge of the mechanical and
geometrical properties of the joint components.

In Chapter 2, a general analytical procedure, termed component method, is introduced.
Its originality is to consider any joint as a set of individual basic components. For the
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particular joint shown in Figure 1-4.a (joint with an extended end-plate connection
subject to bending), the relevant components are the following :

column web in compression;

beam flange and web in compression;

column web in tension;

column flange in bending;

bolts in tension;

end-plate in bending;

beam web in tension;

column web panel in shear.

The procedure consists in deriving the mechanical properties of the whole joint from
those of all the individual constitutive components.

In Eurocode 3 revised Annex J, the component method is used for the evaluation of the
initial stiffness and the design moment resistance of the joint; these two properties
enable to build design joint moment-rotation characteristics whatever the type of
analysis (Figure 1-21 to Figure 1-23).

The application of the component method requires a sufficient knowledge of the
behaviour of the basic components. The combination of the components allows one to
cover a wide range of joint configurations, which should be largely sufficient to satisfy
the needs of practitioners as far as major axis beam-to-column joints and beam splices
in bending are concerned. Examples of such joints are given in Figure 1-24.

Some other fields of application could however be also contemplated :

¢ Joints subject to bending moment (and shear) and axial force;

e Column bases subject to combined bending moment, shear force and axial force;
e Minor axis joints.

These applications are however not yet covered, or only partially covered, by Eurocode
3. But as said in the prefatory chapter, the present thesis is aimed at investigating these
topics in view of a possible further implementation of Eurocode 3 Annex J.
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(a) Welded joint (b) Bolted joint with extended end-plate
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(c) Two joints with flush end-plates (d) Joint with flush end-plate
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(e) End-plate type beam splice (f) Cover-joint type beam splice
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(9) Bolted joint with angle flange cleats (h) Two beam-to-beam joints
(Double-sided configuration)

Figure 1-24 Examples of joints covered by Eurocode 3

1.21.
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1.6 Joint classification

1.6.1 General

In Section 1.3, it is shown that the joints need to be modelled for the global frame
analysis and that three different types of joint modelling are introduced : simple, semi-
continuous and continuous.

It has also been explained that the type of joint modelling to which it shall be referred is
dependent both on the type of frame analysis and on the class of the joint in terms of
stiffness and/or strength (Figure 1-13).

Classification criteria are used to define the stiffness class and the strength class to
which the joint belong and also to determine the type of joint modelling which shall be
adopted for analysis. Those available for beam-to-column joints are described in the
following Section.

1.6.2 Classification based on mechanical joint properties’

The stiffness classification is performed by comparing simply the design joint stiffness
to two stiffness boundaries (Figure 1-25). For sake of simplicity, the stiffness
boundaries have been derived so as to allow a direct comparison with the initial design
joint stiffness, whatever the type of joint idealization that is used afterwards in the
analysis (Figure 1-21 and Figure 1-23).

M;
A

RIGID

s PINNED
, . ¢

Boundaries for stiffness
Joint initial stiffness

Figure 1-25 Stiffness classification boundaries

These classification criteria are those given in revised Eurocode 3-Annex J. As Annex J is not fully

compatible with the questionable classification diagram proposed in Eurocode 3-Chapter 6.9, no
information on the latter is given here.
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The strength classification simply consists in comparing the joint design moment
resistance to "full strength" and "pinned" boundaries (Figure 1-26).

It is while stressing that a classification based on the experimental joint M;-¢
characteristics is not allowed, as design properties only are of concern.

The stiffness and strength boundaries for the joint classification are discussed in Chapter
5.

M;
T FULL
—————————————————————————————— M;rd
PARTIAL STRENGTH
PINNED
y O

Boundaries for strength
""""" Joint strength

Figure 1-26 Strength classification boundaries

1.7 Ductility classes
1.7.1 General concept

Experience and proper detailing result in so-called pinned joints which exhibit a
sufficient rotation capacity to sustain the rotations imposed on them.

For moment resistant joints the concept of ductility classes is introduced to deal with the
question of rotation capacity.

For most of these structural joints, the shape of the M;-¢ characteristic is rather bi-linear
(Figure 1-27.a). The initial slope S ;,; corresponds to the elastic deformation of the joint.
It is followed by a progressive yielding of the joint (of one or some of the constituent
components) until the design moment resistance M;g, is reached. Then a post-limit
behaviour (S posr-iim) develops which corresponds to the onset of strain-hardening and
possibly of membrane effects. The latter are especially important in components when
rather thin plates are subject to transverse tensile forces as, for instance, in minor axis
joints and in joints with columns made of rectangular hollow sections.
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In many experimental tests (Figure 1-27.a) the collapse of the joints at a peak moment
M;, has practically never been reached because of high local deformations in the joints
involving extremely high relative rotations. In the others (Figure 1-27.b) the collapse has
involved an excessive yielding (rupture of the material) or, more often, the instability of
one of the constituent components (ex : column web panel in compression or buckling

of the beam flange and web in compression) or the brittle failure in the welds or in the
bolts.

In some joints, the premature collapse of one of the components prevents the
development of a high moment resistance and high rotation. The post-limit range is
rather limited and the bi-linear character of the Mj-¢ response is less obvious to detect
(Figure 1-27.c).

As explained in Section 4.4, the actual M;-¢ curves are idealized before performing the
global analysis. As for beam and column cross-sections, the usual concept of plastic
hinge can be referred to for plastic global analysis.

M M
> A
Mo b
P M 1
Sj, post limit hu ~ ~
Mira + Mipa T :
\S,-,w
> 0 > 0
(a) Infinitely ductile behaviour (b) Limited ductility
M;
Miu
Mpd F
1,Rd | \
' \
"

(c) Non ductile behaviour

Figure 1-27 Shape of joint M-¢ characteristics
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The development of plastic hinges during the loading of the frame and the
corresponding redistribution of internal forces in the frame require, from the joints
where hinges are likely to occur, a sufficient rotation capacity. In other words, there
must be a sufficiently long yield plateau ¢),; (Figure 1-28) to allow the redistribution of
internal forces to take place.

M;
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Figure 1-28 Plastic rotation capacity

For beam and column sections, deemed-to-satisfy criteria allow one to determine the
class of the sections and therefore the type of global frame analysis which can be
contemplated (see Chapter 3).

A strong similarity exists for what regards structural joints; moreover a similar
classification may be referred to :

Class 1 joints : Mg, is reached by full plastic redistribution of the internal forces
within the joints and a sufficiently good rotation capacity is available to allow,
without specific restrictions, a plastic frame analysis and design to be performed if
required;

Class 2 joints : Mjg, is reached by full plastic redistribution of the internal forces
within the joints but the rotation capacity is limited. An elastic frame analysis
possibly combined with a plastic verification of the joints has to be performed. A
plastic frame analysis is also allowed as long as it does not result in a too high
required rotation capacity in the joints where hinges are likely to occur. The available
and required rotation capacities have therefore to be compared before validating the
analysis;

Class 3 joints : brittle failure (or instability) limits the moment resistance and does
not allow a full redistribution of the internal forces in the joints. It is compulsory to

perform an elastic verification of the joints unless it is shown than no hinge occurs in
the joint locations.

As the moment design resistance Mjrq is known whatever the collapse mode and the
resistance level, no Class 4 has to be defined as for member sections.
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1.7.2 Requirements for classes of joints

In Eurocode 3, the procedure given for the evaluation of the design moment resistance
of any joint provides the designer with other information such as :

e the collapse mode;

e the state of stresses inside the joint at collapse.

Through this procedure, the designer knows directly whether the full plastic
redistribution of the forces within the joint has been reached - the joint is then Class 1 or
2 - or not - the joint is then classified as Class 3 (see Chapter 3).

For Class 1 or 2 joints, the knowledge of the collapse mode, and more especially of the
component leading to collapse, gives an indication about whether there is adequate
rotation capacity for a global plastic analysis to be permitted. The related criteria are
expressed in Chapter 3.
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2. COMPONENT METHOD

2.1 Generals on the characterization

In the present chapter, a general analytical procedure for the prediction of the mechanical
properties of structural joints is introduced. This so-called component method, the name
of which originates from the period where 11e Annex J of Eurocode 3 has been revised,
appears as the outcome of several years of studies on joint characterization throughout
Europe and North America. Its great advantage, contrary to other approaches proposed in
the past, is the possibility to be applied to any steel or composite beam-to-column joints,
to beam splices or to column bases.

Before describing the principles of the component method, and in view of a better
understanding of its different levels of refinement, it appears quite interesting to present
hereafter an overview of the other characterization procedures by particularly
highlighting their advantages and drawbacks.

The more accurate but also expensive way to characterize the deformability and the
resistance of joints is the experimentation in laboratory. The use of this technique - which
requires much money and much time - is basically limited to research activities and can
consequently not be recommended for daily practice.

The existence of numerous test results for a large variety of joint configurations and
connection types led progressively some researchers to develop computerised databanks.
The low probability for the designer to find informations for the specific joint he is
studying and the risk to misinterpretate the results listed in the databank - no standardised
procedure for the testing of joint exists at present - limit considerably the practical
interest of these tools. On the other hand, it appears now clearly that the databanks have
to be considered as quite valuable tools for the validation of mathematical models aimed

at predicting the joint response on the basis of the geometrical and mechanical joint
properties.

Most of the well-known mathematical models available in the literature are described in

[N1] by Nethercot and Zandonini and in [B1] by Bursi. They can be classified in four
main categories :

A - curve fitting;

B - simplified analytical models;
C - mechanical models;

D - finite element analysis;

The objective here is to highlight the differences and similarities between these categories
through four tables focusing for each category, on :

e the definition;



Chapter 2 - Component method 2.2.

o the advantages and disadvantages (practical interest, field of application,
etc).

The description of a specific model as well as a list of available models - without any

reference - see [N1] and [B1] if needed - complete also the information given in each
table.

Such a synthetic presentation is aimed at helping the researchers who intend to develop
mathematical predicting tools for joints - whatever is the material used - to choose on
good grounds the type of modelling to which he will refer.

From the four tables, it may be concluded that :

1. The finite element analysis is not yet likely to be used to predict the semi-rigid

response for any type of connection detailing and that its use is reserved to research
activities.

2. The simplified analytical models and the mechanical models are characterized by a
wider field of application than curve fitting; this results from the theoretical
background of these two kinds of modelling.

They have however to be extended to other types of connections in order to cover the
main needs of the designers.

3. The simplified analytical models are the only ones - with the formulae resulting from
curve fitting - to be suitable for hand calculations.
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A CURVE FITTING

Definition

e Attempt to fit a mathematical representation to characteristic M-¢ curves obtained by
means of :

e experimental tests in laboratory;
e numerical simulations;

e Possible attempt to link the coefficients of the mathematical representation with
physical parameters of the joint.

Example

Frye and Morris formula :
0= C\(kM)+ C, (kM) + Cy(kM )’
in which :
k is depending on the main parameters of the joint;

C coefficients are curve fitting constants.
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List of existing models

Mathematical representations Authors

e Polynomial Sommer, 1969
Kennedy, 1969
Frye and Morris, 1975

e Cubic B-Spline Jones and al, 1981

e Béziers Jaspart, 1985

e Richard formula Richard and al, 1980

e Ramberg-Osgood Ang and Morris, 1984

e Exponential Lui and Chen, 1986

e Power Krishnamurthy and al, 1979

Murray and al, 1987

General advantages and/or disadvantages

e Capacity of representing with extreme accuracy any shape of M-¢ curve;

e Purely empirical — range of application limited to joints, the geometrical and

mechanical properties of which are similar to those considered when calibrating the
formula

e Inability to recognize that, depending on the geometrical and mechanical parameters,
the type of connection behaviour as well as the contribution of each component to the
overall joint response may change significantly.
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SIMPLIFIED ANALYTICAL MODELS

Definition

Simplified analytical methods to predict the main characteristic values of the M-¢
curves (initial stiffness, design moment resistance, ...); this step requires the
knowledge of the mechanical and geometrical properties of the joints.

Verification of these analytical methods by comparison with test data or results of
numerical simulations.

Description of the M-¢ behaviour by curve fitting using the calculated initial stiffness,
plastic and ultimate moment, ... in suitable mathematical expressions.

Example

Jaspart's model :

M= (Sj,im' - Sj,post—limir )q)

1+ I:(Sj,ini - Sj,post—limit )¢]
MRd

A R4S +Sj,post—limit q) } Mu,Rd

with

S;ini = 1nitial stiffness;

M|
Si post-limir = post-limit stiffness; M URd|IT————3=
. _ M o Sj,post—limit
Mpg4 = design resistance; Rd
. . Sj ini
M, rq = ultimate resistance; - -

C = curve fitting constant
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List of existing models

e Lothers, 1951 (double web cleat)

e Johnson and Law, 1981 (flush end-plate)

e Chen and al, 1987/88 (flange and/or web cleat(s))

¢ Yee and Melchers, 1986 (end-plate)

e Jaspart, 1991 (welded end-plate - flange cleats)

General advantages and/or disadvantages

e Allow to approximate the form of the M-¢ curves without resort to testing;
e Still require empirical curve fitting to generate the full curve (but limited !);

e Special remark :

Eurocode 3 method (Annex J) refers basically to this section; it provides an original
way to generate the M-¢ curves.
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C MECHANICAL MODELS

Definition

e Set of rigid and deformable elements representing each the behaviour of specific parts
of the joint.

e Non-linearity of the joint response is then accounted for by inelastic constitutive laws
adopted for the deformable elements.

e These constitutive laws are obtained from test data, numerical simulations or
analytical models.

Example

Tschemmernegg's model :
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List of existing model

Kennedy and Hafez, 1984
Wales and Rossow, 1983
Richard and al, 1987
Tschemmernegg and al, 1988

Jaspart, 1990

Tschemmernegg, 1995
Guisse, Jaspart and Vandegans, 1996

Jaspart, 1996

(Header plate connections)

(Double web cleat connections)

(Cleated connections)

(Fully welded and end-plate connections)

(Composite joints with end-plate and
cleated connections - also applicable
to similar steel connections)

(Composite joints with contact plates)
(Column bases)

(Steel joints subjected to combined
moment, shear and axial forces)

General advantages and/or disadvantages

Really suitable for modelling provided that a knowledge of the load deformation curve

of the key components is available.

May be easily extended to different types of joint configurations and of connections
provided the knowledge of the key components is available.

May require the use of computer programs to generate the curve.
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D FINITE ELEMENT ANALYSIS

Definition

e Prediction of M-¢ curves by means of a finite element analysis.

Example

Krishnamurthy's analysis :

Bolt End-plate
=
i -Roller

] I/Beam
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List of existing models

Welded connections

e Bose and al, 1972

e Patel and Chen, 1984

e Atamaz Sibai, Jaspart, Frey, 1988

Bolted connections

e Lipson and Hague, 1978

e Richard and al, 1980

e Patel and Chen, 1985

e Richard and al, 1983

e Krishnamurty, 1980

e Murray and al, 1987

e Ziomek and al, 1992

e Robert and al, 1992

e Sherbourne and Bahaari, 1994

¢ Bursi and Jaspart, 1996

(Single angle bolted-welded
connections)

(Single web plate connections)
(Fully bolted connections)
(Double web cleat connections)
(End plate connections)

(Flush end-plate connections)
(End plate connections)

(End plate connections)

(End plate connections)

(End plate connections)
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General advantages and/or disadvantages

e Suitable to predict the response of welded joints.

o Sufficient ability to model the non-linear 3-D response of joints with bolted
connections and in particular :

e the actual bolt action;
¢ the contact phenomena;

e the slips;

not yet fully attained.
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2.2 Principles of the component method

The component method may be presented as the application of the well-known finite
element method to the calculation of structural joints.

In the characterization procedures, a joint is generally considered as a whole and is
studied accordingly; the originality of the component method is to consider any joint as a
set of "individual basic components". In the particular case of Figure 2-1 (joint with an
extended end-plate connection subject to bending), the relevant components are the
following :

e compression zone :
e column web in compression;
e beam flange and web in compression;
e tension zone :
e column web in tension;
e column flange in bending;
e Dbolts in tension;
e ecnd-plate in bending;
e beam web in tension;
e in shear zone :
e column web panel in shear.

Each of these basic components possesses its own level of strength and stiffness in
tension, compression or shear. The coexistence of several components within the same
joint element - for instance, the column web which is simultaneously subjected to
compression (or tension) and shear - can obviously lead to stress interactions that are
likely to decrease the strength and the stiffness of each individual basic component; this
interaction affects the shape of the deformability curve of the related components but
does not call the principles of the component method in question again.

The application of the component method requires the following steps :
a) listing of the "activated" components for the studied joint;
b) evaluation of the stiffness and/or strength characteristics of each individual basic

component (specific characteristics - initial stiffness, design strength, ... - or the whole
deformability curve);
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c) "assembly" of the components in view of the evaluation of the stiffness and/or strength
characteristics of the whole joint (specific characteristics - initial stiffness, design
resistance, .... - or the whole deformability curve).

Figure 2-1 Joint in bending with an extended end-plate

These three steps are schematically illustrated in Figure 2-2 in the particular and simple
case of a beam-to-column steel joint with a welded connection.

As specified here above, the parallelism with the finite element method is obvious. To
"component" and "joint" may then be substituted the words "finite element" and
"structure".

The assembly is based on a distribution of the internal forces within the joint. As a matter
of fact, the external loads applied to the joint distribute, at each loading step, between the
individual components according to the instantaneous stiffness and resistance of each

component. Distributions of internal forces may be obtained through different ways as
discussed in 2.3.

The application of the component method requires a sufficient knowledge of the
behaviour of the basic components. Figure 2-3 gives an overview of the steel components
covered by the revised Annex J of Eurocode 3 [E2]. In the recently drafted Annex J of
Eurocode 4 [E3], a new component is added : the reinforcement bars in tension; the
stiffening and the strengthening of the column web panel in shear and of the column web
in compression by means of encased concrete is also made available.

The combination of these components allows to cover a wide range of joint
configurations, what should largely be sufficient to satisfy the needs of practitioners as far
as beam-to-column joints and beam splices in bending are concerned.
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COMPONENT METHOD
APPLICATION TO A WELDED JOINT
Three steps
F
—
) MeF b
-~
First step: Column web Column web column web
Definition of the | in shear in compression in tension
components ,
" > @

Second step:
Response of the
components

Third step:
Assembling of
the components

F F F
FRe, FRra, FRrd,

Stiffness coefficient k; of each component
Resistance Fyy; of each component

Az

el

Stiffness of the joint S;; = Eh*/Yk;
Resistance of the joint My, = min(Fg,;).h

Figure 2-2 Application of the component method to a welded steel joint
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N° Component
1 Column web panel in shear Vsd
=
Vsq
2 Column web in /l/
compression
Fesd
« ——>
3 Beam flange and web in compression
4 Column flange in bending /1/
5 Column web in tension

Ft.Sd
S
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6 End-plate in bending
7 Beam web in tension
8 Flange cleat in bending
9 Bolts in tension Fisd
< —
Fv.Sd
10 Bolts in shear ﬂa
11 Bolts in bearing (on beam flange, T
column flange, end-plate or cleat)
o
lFb.Sd
12 Plate in tension or compression - 0 _Et.Sd
Fc.Sd
— <—

Figure 2-3 Components available in Eurocode 3
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Some fields of application are however not yet covered by the codes :

e Weak axis joints where the beam is connected to the web of a H or I column profile
are characterized by an out-of-plane deformability of the column web under the
tension and compression forces carried over by the beam. The "column web in
transverse compression and tension" component still requires specific studies to be
performed in view of the development of reliable stiffness and strength
characterization tools. Knowledges about this component would directly allow the
extension of the component method to joints where tubular columns with rectangular
hollow sections are used, as shown in [V1]. As a matter of fact, similar phenomena
occur in the face of the hollow section where the beam is connected.

e Joints subject to bending moment (and shear) and axial compression or tension forces
have been less studied and, in particular, the way to distribute the internal forces for
stiffness and strength calculations, the stiffness and strength component properties
remaining unchanged whatever is the type of loading.

e Column bases are subjected to combinations of bending moments and axial forces and
possess specific components for which a limited knowledge is available. For instance :

e concrete block in compression;
¢ end-plates with specific geometries;
e anchorages in tension;

e contact between soil and foundation;

e An improvement of the mechanical properties of the joints may be achieved through
the use of beam haunches, end-plate stiffeners or high strength steels. These aspects
are not yet covered in the codes.

¢ In pitch-roof portal frames, connected beams and columns form an angle higher than

90°. This requires specific amendments to be made to the existing characterization
procedures.

e When columns with rather slender webs are used, the usual rules for "column web
panels in shear" are no more valid because of the apparition of shear buckling and
post-critical phenomena. Few recommendations are available in this field.

Research works in Li¢ge have recently allowed to investigate these different aspects; they
have brought some answers to these last questions which prevent the general use of the

component method to any structural joint.

These developments are discussed in chapter 3.
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2.3 Levels of refinement

The framework of the component method is sufficiently general to allow the use of
various techniques of component characterization and joint assembly.

In particular, the stiffness and strength characteristics of the components may result from
experimentations in laboratory, numerical simulations by means of finite element
programs or analytical models based on theory. At Liége, experimentations and
numerical simulations have been performed and used as references when developing and
validating analytical models. These ones may be developed with different levels of
sophistication according to the persons to whom they are devoted :

e expressions as those presented in our Ph.D. Thesis [J1] cover the influence of all the
parameters which affect significantly the component behaviour (strain hardening, bolt
head and nut dimensions, bolt prestressing, ...) from the beginning of the loading to
collapse and fit therefore well with a scientific publication;

e the rules which have been introduced in Annex J of Eurocode 3 [E2] are more simple
and are therefore more suitable for hand calculations.

e The SPRINT design sheets presented in chapter 7 constitute an ultimate step in the
simplification process; the procedures for stiffness and strength evaluation are reduced
to the essentials and allow a quick and nevertheless accurate prediction of the main
joint properties.

Similar levels of sophistication exist also for what regards the joint assembly.
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3. NEW CONTRIBUTIONS TO THE COMPONENT
METHOD

3.1 Contents of the chapter

As explained in Chapter 2, the component method is a quite flexible and powerful tool
for joint characterization. Its scope may be extended to any type of joint, any connection
type and also to any material (timber, concrete, pre-cast concrete, ...) as recently
demonstrated in the frame of the COST CI1 activities as soon as :

e the stiffness and/or resistance and/or deformation properties of the constitutive
components are known;

¢ the possible interactions between constitutive components are clearly established;
¢ the way to assemble the components together is mastered.

All these aspects have been extensively discussed in [J1] for traditional beam-to-column
joints with end-plate and flange cleated connections.

In Eurocode 3 Annex J [E2] and in the SPRINT design sheets and tables [S1], simplified
procedures for beam-to-column joints with similar connection types and for beam splices
with end-plates have also been presented.

In Eurocode 3 Annex J, other components have also been introduced : plates in tension,
plates in bearing, bolts in shear. Means of component stiffening and strengthening like
backing plates, web plates or transverse and diagonal stiffeners are also proposed.

The combination of all these components already covers a wide range of structural joints
but still limits, anyway, possibilities of the practical designer who is often faced, in a
specific structure, to quite unusual local joint detailings where the stiffness and resistance
properties have to be also determined.

In this context, it has been felt that investigations were still necessary in order to :

e complete the set of available components for strong axis beam-to-column joints and
beam splices;

e extend the component method to weak axis joints and composite joints;
e apply the same principles than those developed for structural joints to column bases.

The outcome of these investigations is summarized in Sections 3.2 to 3.5 of the present
chapter. Section 3.4 on column bases appears as a quite detailed and scientific
investigation in a field where few developments have been performed in comparison to
other structural joints. The other sections present mainly design rules of more practical

interest which could be taken into consideration in a further revision of Eurocode 3
Annex J.
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Section 3.3, on the other hand, briefly refers to the recent drafting efforts to produce
Eurocode 4 Annex J on « Joints in composite building frames ».

Lastly, the possibility to extend the component method, and more especially the rules
available for components, to high strength steels is discussed in Section 3.6.

3.2 Strong axis beam-to-column joints and beam splices

In Section 3.2.1, the response of new components and the influence of new stiffening or
strengthening means are discussed. Design rules are proposed and justified.

The results of complementary investigations on the interactions as they take place in a
column web panel subjected to shear, compression and tension forces are then presented
in Section 3.2.2. First research works in this field had been extensively discussed in [J1].

Finally, assembly procedures are described in Section 3.2.3. where, in 3.2.3.3, an original
procedure for joints under bending, shear and axial compressive or tensile forces is
suggested.

3.2.1 Behaviour of new components and additional
considerations on existing ones

3.2.1.1 Beam flange and web in compression

Resistance

This component is not a new one; it is available to designers in the revised Annex J of
Eurocode 3. The background of the design formula proposed in Annex J for resistance
evaluation seems, however, usually not to be clearly understood by the reader; it appears
so quite important, as one of the authors of the proposal, to give some words about it.

When a bending moment M is carried over from the beam to the joint, a compression
zone develops in the beam, close to the joint; it includes a beam flange and a part of the
beam web in compression. The compressive force F, carried over by the connection may,
as indicated in (3-1), be quite higher than the compressive force F in the beam flange
resulting from the resolution, at some distance of the joint, of the same bending moment

M. In (3-2), the forces F and F, are applied to the centroid of the beam flange in
compression.

This assumption is usually made for sake of simplicity but does not correspond to the
reality as the compression zone is not only limited to the beam flange.

The force F,, quite localized, may lead to the instability of the compressive zone of the

beam cross-section and has therefore to be limited to a design value which is defined in
Annex J as equal to :

Fc.fb.Rd =Mc.Rd/(hb—tﬂ;) (3-1)
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where :

M_.p; is the design moment resistance of the beam cross-section reduced, when
necessary, by the shear forces; M, g, takes into consideration by itself the potential
risk of instability in the beam flange or web in compression;

hy, is the whole depth of the beam cross-section;

I is the thickness of the beam flange.

F > . F M
T |= Cc- h
"u" h ‘t -F:
h b 'Fb ho- trp
Bp = F
;-‘ P -FC>F

Figure 3-1 Localized compressive force in the beam cross-section
located close to the connection

It has to be pointed out that Formula (3-1) limits the maximum force which can be
carried over in the compressive zone of the joint because of the risk of loss of resistance
or instability in the possibly overloaded compressive zone of the beam located close to
the joint. It therefore does not replace at all the classical verification of the resistance of
the beam cross-section, except for fully welded joints where both verifications are
identical.

It has also to be noted that formula (3-1) applies whatever is the type of connection and
the type of loading acting on the joint. For instance, Formula (3-1) is referred to in
Eurocode 4 Annex J in the case of composite construction and applies to joints subjected
to combined moments and shear and axial compressive or tensile forces.

In the case of a non-symmetrical beam cross-section (built-up members), the formula
writes (Figure 3-2) :

F;‘ﬂ).Rd =M, s/ (h,—0,5(t 5T tﬂ;r)) (3-2)

where :

o is the thickness of the beam flange in compression being considered;

tbo is the thickness of the other beam flange.
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F
' ) :ttfbo _
< 0
FC ﬂ F
C | t‘br —p <l

(a) Cross-section (b) Applied forces

Figure 3-2 Case of a non-symmetrical beam-cross section

The design resistance given by Formula (3-1) has to be compared to the compressive
force F, (see Figure 3-1 and Figure 3-2) which results from the distribution of internal
forces in the joint and which is also assumed to be applied at the centroid of the beam
flange in compression. It integrates the resistance of the beam flange and of a part of the
beam web; it also covers the potential risk of local plate instability in both flange and

web.

Stiffness

As explained in Section 3.2.3.2, the deformation of the beam flange and web in

compression is assumed not to contribute to the joint flexibility. No stiffness coefficient
is therefore needed.

Deformation capacity

To our knowledge, the deformation capacity of the beam flange and web in compression
has not yet been studied and no specific rules are therefore available.

In this context, it is wise not to rely on any deformation capacity even if it is thought that,
as some experimental tests seem to indicate it, some good deformation capacity may be

expected from tests where the beam flange and web fail by plasticity and not by
instability.

Should profiles be classified in "Class 1 sections in bending" and "others" for what
regards the deformation capacity of the beam flange and web in compression ?

This question should probably be kept in mind for further investigations on this topic.
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3.2.1.2 Stiffening and strengthening of the extended part of an
end-plate in bending

The stiffening and the strengthening of the extended part of an end-plate may be achieved
by the welding of a triangular stiffener as indicated in Figure 3-3.

e ™~

Figure 3-3 Stiffener on an extended end-plate

The stiffness and the strength of the extended part may be evaluated through the concept
of T-stub introduced in Appendix 3 to the present thesis and to which it is referred to in
Eurocode 3 Annex J for plates subjected to transverse bolt forces.

The use of the formulae presented in Appendix 3 requires the evaluation of effective
lengths £, , and £ . for the equivalent T-stub which is substituted to the actual plate

in bending.
Resistance

In the case of an unstiffened extended part, the idealized T-stub is defined as indicated in
Figure 3-4 and its effective length is derived as explained in Figure 3-5.

Coff

i
A

Figure 3-4 T-stub idealization in the case of an unstiffened end-plate
(T-stub denoted L)
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£ =2Tm
& &
- I
Lgr =TM, + O
=P
S a
g3 =Tm, +2e

g =4m, +1,25e

N
&

—
—4
]
Lz =e+2m, +0,625,
- I
0,56 =0,5b,
O |
W‘M——w
_ I
7 =0,50+2m_+0,625¢,
T

'eeﬂ',cp.l = mln(geﬁ”l; Eeﬁ’Z; geﬁ'3)

Eeff,nc,l = mln(geﬁ%’. feﬁ"S; feﬁ’ﬁ’. feff7)

Figure 3-5 Evaluation of the effective length.
Case of an unstiffened extended end-plate.

3.6.
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As soon as a stiffener is welded on the extended part of the end-plate, the group
mechanisms characterized by effective lengths £,.,, £, and{,, have to be

disregarded. So remain four cases and the effective lengths to be considered are obtained
from Figure 3-6.

Because of the vicinity of the stiffener, the expressions of £, and /.5 has to be slightly

changed by substituting, according to Annex J, oum, to 4m,+1,25¢e, for Eeﬂ and om,-
(2m,+0,625€;) to 2m, + 0,625 e, for £, .

£ =2Tmy

Eeﬁ =Tm, +2e

£ g =0UM

x

L5 =0m, —(2m, +0,625¢)+e

-4}% -4}% Jqﬁj E

/ = min(/

eff,cp, L eﬁ‘l’. ’eeﬁ’.”)

’eeﬂ',nc,i = min([eﬁ% ; Zeﬁfs )

Figure 3-6 Evaluation of the effective lengths (L)
Case of a stiffened extended end-plate

The so-defined effective lengths are then introduced in the design resistance formulae for
Mode 1, Mode 2 and Mode 3 (see Appendix 3) :
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4M
FRd'LJ_ o pll,Rd,J. (3_3)

m)f

2M ) gay + 2B, g1,
Foyp = p — : (3-4)

FRd.3 =2B (3-3)

where : M,y ga = Oizsgeﬁ‘,Ml,J_terye /Ym0

P

MpéZ,Rd,J._ = 0’25€eﬁ,M2,J.te2fye /Y wo
n, = min (1,25 my; ex)

In these expressions :

zeﬁ‘,Ml,.J. = ml:n(feﬁ,nc,L; geﬁ,cp,J_) (3—6)
= mln(geﬂl; feff}'. Eeﬁ‘4; ZeﬁS)
Zejf,Mz,J. = min(’geﬁ',nc,J_)

. (3-7)
=min(€ g4 L z55)

t. and fy. are respectively the thickness and the yield stress of the end-plate.

Other yield mechanisms related to another T-stub idealization of the extended part of the
plate may also be contemplated. This other T-stub is represented in Figure 3-7.

e:(be'm)/z

Figure 3-7 Possible other T-stub idealization in the case of a stiffened end-plate
(T-stub denoted //)
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The new yield mechanisms associated to this second possible T-stub idealization are
drawn in Figure 3-8; the values of the associated effective lengths derived according to
Eurocode 3 Annex J are indicated in the same figure.

Lpg = OUM -
] !!
__..__...._1_
Lo =0m-(2m+ 125¢€) + e
1 g
Lo =M+ 2 ey
— !
_—t___
Eeff,cp,// = geffl()

¢ effuncdl = min( £ eff8’ ¢ eff9 )

Figure 3-8 Evaluation of the effective length (//).
Case of a stiffened extended end-plate.

The design resistances of the T-stub are expressed as follows :

4M

Frawy = I;:'Rd'// (3-8)
2M +2B ,.n
Fraay == (3-9)
Fry3=2B, 4, (3-10)
with : M, rayy = 0,25 egﬁ.M!,//tezfye /Y mo

M, vy =025 Eeﬁ.MZ,//tez AT
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n=min(1,25m;e)

’eejf,Ml "= min(geff nc//’. ‘eeﬁ’ cp//)

where : (3-11)

_mln(fef]“S’ 9’ eﬂ”lO)

eeﬁ",MZ,// = min([eﬂ’.na// ) (3-12)
= min(feﬂg,' Zeﬁrg)

Finally, the design resistance of the stiffened extended part of the end-plate is defined as :

Fry=min(Fyy 1 Frys 15 Frar s Fraoss Fras) (3-13)

Rd, 1,7/
Stiffness

A similar distinction has to be made for stiffness calculation. By referring to Appendix 3
and to the previous paragraphs, the following expression of the stiffness coefficient may
be derived in the case where the extended part of the end-plate is stiffened :

kl.p = min{ kip, I kip, ) (3-14)
with :
0,851
eff, J.
kil"l _’—"_i—_ (3-15)
0,851,
k., = -#— (3-16)
m
where :
Zeﬁ’.l = Eeﬁ‘,Ml,J. (3-17)
gejj‘,// = leﬁ,Ml,// (3-18)

Deformation capacity

The deformation capacity of the extended part of the end-plate decreases with the
welding of the stiffener while the resistance is increasing. As explained in Section 3.2.3,
this is likely to limit the possible redistribution of internal forces within the joint or
within the frame. The criteria to check the sufficient deformation capacity, which are
similar for plates with or without stiffeners, are described and justified in Appendix 3.
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3.2.1.3 Intermediate stiffeners

The stiffening and strengthening of a column flange in bending may be achieved by
adding transverse stiffeners in line with the beam flanges. They may be used to improve
the properties of the column flange in bending, but also those of the column web in
tension or compression. Such so-called intermediate stiffeners are welded there where
additional resistance is required at the level of a specific bolt-row, as shown in Figure 3-
9. Possibilities exist also to place them on the beam side so as to stiffen and strengthen
the end-plate.

Main transverse stiffener =——

Intermediate stiffener =— = —

Figure 3-9 Intermediate stiffeners on beam and column sides

Resistance

The concept of the T-stub idealization may again be referred to in this particular situation
and this again requires the definition of appropriate effective lengths for the column
flange or the end-plate in bending at the level of the bolt-row being considered.

Eurocode 3 Annex J provides the designer with adequate rules for effective lengths as

long as two successive stiffeners - usual and/or intermediate ones - are separated by two
bolt-rows at least.

When it is not the case, as in Figure 3-10, the effective length may be derived as indicated
in Figure 3-11.

The expression appears simply as an extension of the cases covered by Eurocode 3
Annex J.
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e m

-

Lrﬁfﬂr

Figure 3-10 Single bolt-row between two stiffeners

__!___
Ly = (0, +0,)m—(4m+1,25¢e)
where 0, and a, are evaluated from
Eurocode 3 Annex J on the basis
of my, and m,, respectively.
|

Figure 3-11 Effective length for a single bolt-row located between two stiffeners

Stiffness and deformation capacity

The evaluation of these characteristics is achieved as explained in Appendix 3 for usual
plated components. No specific considerations are needed.

3.2.1.4 Haunches

Industrial buildings constituted of portal frames with rather large beam spans are quite

common. These buildings represent a significant part of the activity in the field of steel
construction.

The large spans lead to rather high bending moments at the supports, there where joints
are, and often require a local increase of the beam depth so as to provide a higher inertia
to the beam, but also to increase the level arm of the internal forces in the joints.
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Two different ways are usually followed to achieve this goal, without increasing the beam
depth all along the beam member, what would result in an unjustified and significant
increase of the total weight of the structure :

e use of tapered built-up members (Figure 3-12.a);

e welding of haunches on hot-rolled beam profiles or built-up profiles with constant
geometrical properties along their length (Figure 3-12.b).

(a) Tapered members (b) Haunches
Figure 3-12 Increase of the beam geometrical properties at supports
In this section, haunches are dealt with and their influence on the design process of joints
is discussed.
Two types of haunches may be distinguished :
e haunches with a flange (Figure 3-13.a);
¢ haunches without a flange (Figure 3-13.b).

In the first type, the haunch in itself is usually extracted from a similar profile than the
beam one. For the second type, the stability in compression is ensured by the plate alone,
which is therefore rather thick. The welding of such a thick plate to the beam and to the
end-plate requires often more than one pass, what is expensive, and, as a consequence,
this type of haunch is not commonly used in practice.

Recommendations for the design of haunches of both types are given in [Z1] and [Z4].
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i T

1+

(2) With flange (b) Without flange
Figure 3-13 Two types of haunches
Because of their bigger practical interest, only haunches with a flange are considered here
and as the rules given in [Z1] and [Z4] are no more fully in line with the new existing
regulations, updates are suggested in the next paragraphs. These ones have been proposed
by D. Vandegans from CRIF and ourselves and have been extensively discussed and
finally agreed by the group in charge of the drafting of the ECSC Manual on "Frame

Design including Joint Behaviour” in which we ensure, together with Prof. Maquoi from
the University of Lie¢ge the coordination (see Chapter 6).

Geometrical and mechanical properties of the haunch

The main geometrical characteristics of the haunch are indicated in Figure 3-14.
Others are not reported. These are :

twn : thickness of the web plate;

by, : width of the flange.

The yield stress of the flange is denoted .
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fr—\r thf

!

Figure 3-14 Geometrical properties

Resistance of the haunch flange

The bending moment acting on the joint distributes, as shown in 3.2.3, between the
constitutive joint components; this is represented in a schematic way at Figure 3-15
where the bending moment is resolved into two statically equivalent forces F, and F;
acting at a distance z (level arm).

As in joints without beam haunches, the compression force F,. is assumed to act at the
centroid of the haunch flange.

The intensity of the F, and F; forces and the level arm vary with the joint detailing and
the loading (bending and shear, or additional axial forces as shown in 3.2.3.3.).

—_—r T
Ft:FC \
4L hp-tpe 1M
/
/
z R y 4
Fy )
E 1=FC=M/Z
1 _C,J

Fy = M/(hy-ty)

Figure 3-15 Distribution of internal forces in the connection
(Constant moment and a single bolt-row in tension)
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Through the resolution of the forces acting on the haunch, the axial forces in the haunch
flange and the shear forces transferred to the haunch web may be derived as shown in

Figure 3-16:

-

ol
—~

(Yo}
fon]

FC /cos 3

—

Figure 3-16 Internal forces in the haunch

The axial force in the flange is seen to vary along the haunch. Its value depends on the
variation of the beam bending moment in the haunch area and on the joint detailing as

explained in Figure 3-17.

Fy
I B Fy H
l i
Z»] 7 T
2

FC1 Fc 2 -
FCZ > Fc]
Fe/cos B> Fei/cos B

(a) Variation with the joint detailing for a constant moment
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M(x)

M* * * *
° F =M /h,
A \Mb F,=M,/(h,—1t,)
[l \\\ :_ (hb_tﬂ;)<hb*
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(b) Variation with the beam bending moment
Figure 3-17 Evolution of the axial force in the haunch flange

The force F, results from the distribution of internal forces in the joint and is therefore
known. On the other hand, the place where the force F, is maximum along the haunch is

unknown as it depends on how the "level arm" and "beam bending diagram" effects
compensate.

In practical cases, the higher value between F./cosP andF, /cosp is selected and
compared to the design resistance of the flange defined as :

Fora= bhtﬂ;f)fh /Y o (3-19)

where by, is the effective width of the flange defined as :

b, = min(b,; b,,) (3-20)

where by;, defined as follows :

235
b, =42t, |=— (3-21)
h



Chapter 3 - New contributions to the component method 3.18.

limits, according to Eurocode 3 recommendations, the effective width of the flange
because of the potential risk of plate instability.

Resistance of the haunch web

As seen in Figure 3-18, the resolution of the force F, leads to the application of a shear
force F, tg B to the haunch web. The latter has therefore to be checked accordingly. The
beam end section is also subjected to a beam shear force V as illustrated in Figure 3-18.

M-

Fc [
- I- v M

|

|

|

i Fete®
|'

|

<

F/cos B3

Figure 3-18 Shear forces on the beam end section

The transfer of the shear forces V and F, tg 8 may be contemplated in some different
ways. For instance :

o the shear force V is carried over to the end-plate by the beam web only (and the
corresponding welds) and the force F, tgf3 through the web of the haunch (and the
corresponding welds);

o the force F, tg B is transferred at the level of the haunch web (and welds) and V is

partly transferred by the web of the beam and the web of the haunch (and the
corresponding welds).

For practical applications, the first way is first selected. For high shear values, the second
one may appear as more economical.

The loading of the two other sides of the triangular haunch web and of the corresponding

welds connecting the web to the beam flange and the haunch flange may be simply
derived from equilibrium equations.

Resistance of the column web in compression

The evaluation of the resistance of the column web in compression is performed
according to Eurocode 3 Annex J :

F fvwc'twc'beﬁ“kwc

we.Rd = p -
Y mo

if L <0,673 (3-22)
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with : k,=(125-0506,, . / fywc )< 1
.t bk _
N =pf"“ e [i (1—0’—_22ﬂ if A >0,673 (3-23)
- b d
with : A=093 % (3-24)

E.t

d. is the clear depth of the column web and f,,,., the yield stress of the column web.

p takes into consideration the possible decrease of the resistance because of high shear

stresses in the column web panel. &, is a reduction factor depending on the value of the
longitudinal stresses G, gq in the column web.

The effective width bg results from the diffusion of the compressive force through the
end-plate as well as through the flange and the radius of fillet (or the weld) of the column
cross-section. It may be expressed as indicated in Figure 3-19 where ay. is the throat
thickness of the weld connecting the haunch flange to the end-plate and s is respectively
defined as r, - radius of fillet of the column - in the case of a hot-rolled column profile
and +2a, in the case of a built-up column profile (a. is the throat thickness of the weld

connecting the flanges to the web).

tl
b, =—"_1+22a

+2t +5(t, +s
P cosP L, )

he

t
=—L—+\2a, +1,+u+5(t, +s)
cosP

eff 2

beff = min( beffl, beﬁ2 )

(a) Fillet welds
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t
—
A~ by = cosB+2t“+5(tfc+S)
Ly
by = +1,+u+5(t, +5)
cos
by =min(bg,b,,)
5
P 4
(b) Butt welds

Figure 3-19 Effective width for the column web in compression

Resistance of the beam web in transverse compression

In Figure 3-16, the beam web is seen to be subjected to a compressive transverse force
Fytg B. As for the column web in compression, this force may lead to crushing, crippling
of buckling of the beam web.

Traditionally, a web stiffener is welded there so as to avoid any failure, but in most of the
cases, this one is not strictly necessary and a substantial economy in fabrication costs may
be achieved by simply checking the sufficient resistance of the beam web in compression.

This verification may be performed with similar formulae than those presented in the
previous paragraph dealing with column web in compression. No reduction of the

resistance because of interactions with high shear stresses has therefore to be usually
considered (p = 1,0).

From a more conceptual point of view, troubles may be avoided in this component by
limiting the value of the haunch inclination B. A value of 30° is quite usual and a value of
45° should never be exceeded.

Stiffness

As explained in Section 3.2.3, components such as beam web in compression and haunch

web and flange are not contributing to the joint deformability and related stiffness
coefficients have not to be evaluated.

For the column web in compression, reference has obviously to be made to Eurocode 3
Annex J recommendations.
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Deformation capacity

The deformation capacity of haunch flanges and webs and of beam webs in compression
has never been deeply investigated. It has to be said that it is usually considered as good
practice to concentrate the failure of the joint in the bolted connection in itself or in the
column web panel, but not in the haunch. In such conditions, no specific deformation is
obviously required from the haunch components.

We personally agree with this concept which allows to better control the response of the
joint, its failure mode and its global ductility.

3.2.1.5 Non-perpendicularly connected elements

General

In building structures, the structural steel frame is usually made of beam and column
elements connected perpendicularly so as to constitute what we could call here
rectangular frames, such as office buildings.

Most of the experimental, numerical and theoretical research works carried out in the
field of structural joints relate to this type of structural configuration and Eurocode 3
Annex J, which appears as the outcome of these research works, is not an exception even
if nothing is explicitly said about that.

Pitched-roof industrial portal frames where the structural elements are not
perpendicularly connected (Figure 3-20) represent however a quite important part of the
steel construction activity where high profit of the new concepts introduced in
Eurocode 3, and in particularly in its Annex J, could be made.

We therefore decided to investigate this topic. In the next paragraphs the slight
modifications to be made to the Eurocode 3 rules for joint characterization are presented.
We will also come back to the pitched-roof portal frames in Chapters 4 and 5 respectively

when the idealization and the classification of «non-rectangular » joints will be
discussed.

For what regards joint characterization, three main aspects have to be considered :
e the external loading on the joint;

e the distribution of internal forces in the joint;

e the properties of the constitutive components.

They are successively introduced here below in the case of a beam-to-column joint with
an end-plate connection; conclusions drawn are however valid whatever is the joint
configuration and connection type (beam splice, haunched beam, ...).
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1.
1
1
(a) Beam-to-column joint (b) Beam splice

Figure 3-20 Typical joints in a pitched-roof portal frame

Loading

In rectangular frames, beam-to-column joints and beam splices are mainly subjected to
in-plane bending moments and shear forces. Axial forces in the beam remain rather low
and are usually disregarded. To know whether it is justified or not to act in such a way is
a question which will be raised in Section 3.2.3.3.

In pitched-roof portal frames, the inclination of the rafters induce higher axial forces and

a specific attention has, in all the cases, to be paid to their influence on the joint rotational
response.

Another aspect is the non-perpendicularity between the beam cross-sections and the

connection cross-section, as indicated in Figure 3-21, what is again due to the inclination
of the rafters.

beam )
cross-section

[~ connection
cross- section

Figure 3-21 Beam and connection cross-sections
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As a result, the internal forces M,, V, and N, acting at the rafter extremity and obtained
through a frame analysis have to be transformed into a bending moment M, a shear force
V and an axial force N acting on the connection cross-section, as shown in Figure 3-22.

These forces are derived as follows :

M=M, (3-25.a)
V=V cosa+N, sina (3-25.b)
N=N, coso.—V, sino. (3-25.c)

M, N and V are expressed at the level of the rafter neutral axis.
/ Ne
\..[ ' \lf
M
- N N - I Ve r
M M i
v

Figure 3-22 External forces acting on the connection

-

Distribution of internal forces

The distribution of the external forces M, N and V into internal forces within the joint
components relates to what is defined in Chapter 2 as the step number three «joint
assembly » of the component method. The assembly procedures are discussed in Section
3.2.3 of the present chapter : the general principles are first introduced; the Eurocode 3
procedures for the evaluation of the stiffness and resistance properties of joints in
bending and/or shear is then described and, finally, an original assembly procedure for

joints subjected to axial forces in addition to bending moments and shear forces is
proposed.

All the principles and procedures reported in Section 3.2.3 applies to «rectangular »
Joints as well as to « non-rectangular » ones.
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Component properties

In this paragraph, the capacity of rules included in the Eurocode 3 Annex J for the
characterization of the mechanical properties of the basic individual components is
contemplated.

In order not to make the text unnecessarily heavy, we consider that it is not worth our
while repeating large parts of Eurocode 3 Annex J here; in fact, we prefer to focus on the
modifications to be brought to the available rules in the cases where the structural
elements are not perpendicularly connected.

Through a quick examination of the components, it appears clearly that :

e some components are affected by the rafter inclination,;

e some components are not affected at all;

* some components can no more be used as soon as the rafters are inclined.

In Table 3-1, the component available in Eurocode 3 Annex J are classified according to
these three categories. The flange of a haunch being inclined by nature, no additional
information to that given in Section 3.2.1.4 is required here.

The influence of the rafter inclination is so restricted to five components. Let us discuss
each of them successively.

Column web in compression

From the distribution of internal forces in the joint, the resultant compressive force in the
column web is deduced. It is assumed, according to Annex J of Eurocode 3, to diffuse
through the end-plate, if any, and then through the column flange and the radius of fillet
or the weld. The diffusion width, beg,,w.c, Which is evaluated as indicated in Figure 3-23.a,
is the key value in the determination of the stiffness and resistance properties of the
column web in compression.
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N° | Components Affected | Not affected No more
available

1 | Column web panel in shear X

2 | Column web in compression X

3 |Beam flange and web in compression X

4 | Column flange in bending x*

5 Column web in tension sk

6 | End-plate in bending X

7 |Beam web in tension X

8 |Flange cleat in bending X

9 |[Bolts in tension %

10 |Bolts in shear %

11 |Bolts in bearing X

12 |Plate in tension or compression X

* For welded connections only

Table 3-1 Influence of rafter inclination on the component properties

A small amendment (¢, — ¢, /cos) is simply carried out, as shown in Figure 3-23.b,

so as to take into consideration the increase of the diffusion width through the flange of
the rafter.

No further change has to be contemplated.
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1
T #*e by =t,+1,+2a, +5(t, +1,)+s,
with : 7. = column radius of fillet
s, = min(t, +~/2a,; u)
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(a) Joint in a rectangular frame
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(b) Joint in a pitched-roof portal frame

Figure 3-23 Evaluation of the effective width
(bolted end-plate connection and hot-rolled column cross-section)

Beam flange and web in compression

As for haunch flanges, the compressive force resulting from the distribution of internal
forces within the joints has to be resolved, as shown in Figure 3-24, in order to determine
the force applied to the beam flange and web in compression (F, /cosc). The design

resistance in itself remains unchanged in comparison to what has been said in Section
3.2.1.1. Formulae (3-1) and (3-2) therefore still applies.
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Figure 3-24 Force applied to the beam flange and web in compression

Column flange in bending

In welded beam-to-column joints where the column flanges are unstiffened in the tensile
zone, non-uniform stress distribution develops in the beam flanges in tension (Figure 3-
25). There where high stresses are reported, i.e. at mid-width of the flange, the brittle
failure in the connecting welds in tension has to be avoided.

This is achieved in Eurocode 3 through the definition of an effective width for the beam
flange in tension (see Figure 3-25) :

beﬁ' o =t t25,+7Tk t, (3-26)
where : tyc = 18 the thickness of the column web;
k=(tfc/tfb)(fyc/fyfb)butkS1

fyre 1s the yield stress of the column flange

fym 1s the yield stress of the beam flange
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beam flange in tension

column

Figure 3-25 Non uniform distribution of stresses in a beam flange in tension

Based on this value, the design resistance of the column flange is derived as :

ch,Rd = beﬁ’,fctfbfy,ﬂ; /YMo (3-27)

F'(tg (I
Fy/cos O Mr

Figure 3-26 Force applied to the beam flange in tension
(welded connections)

Formula (3-27) applies as long as by is higher than 0,7 times the width of the beam
flange in tension. When this condition is not fulfilled, the maximum stress in the weld is
too high and this can lead to a brittle failure. In this case, it is so recommended to weld
transverse stiffeners on the column web and flanges in the prolongation of the beam web.

This makes the distribution of stresses in the beam flange uniform and avoids stress
concentrations.

The extension of the formula to beam-to-column welded joints belonging to pitched-roof
portal frames requires two modifications :

e The value t3 /cosa is substituted to t in formulae (3-26) and (3-27);

® The tensile force to which Fj, gy is compared is F,/cosa (see Figure 3-26).
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In the case of joints with bolted connections, the tensile force is applied to the column by
bolts in tension; no amendment to the formula expressing the design resistance of the
column flange in bending has therefore to be contemplated.

Column web in tension

As for column webs in compression, the key parameter for the evaluation of the stiffness
and resistance properties of column webs in tension is the effective width b . In the
case of bolted connections, b . is taken as equal to the effective length (see Appendix
3) of the column flange in bending. The response of the latter being not affected by the
inclination of the rafters, no modification has to be brought to b.; . in comparison to
what is explained in Annex J.

In welded connections, the value of by is evaluated in a similar way than what is
described in Figure 3-23 for the compressive zone. Only the diffusion of the tensile force
in the beam flange is therefore affected (¢ /cosa instead of #p).

End-plate

When evaluating the effective length of the equivalent T-stubs (see Appendix 3), ¢ /cosa

has again to be substituted to t5. This is the only slight modification to be taken into
consideration because of the inclination of the rafters.

3.2.1.6 Slender column web panels

Context

The yielding of unstiffened column web panels in shear is a common type of failure in
single-sided joint configurations with welded or end-plate connections or in double-sided
joint configurations, with similar connections, subjected to unbalanced loading.

Recommendations for the calculation of column web panels in shear have therefore been
included in the first version of Eurocode 3 Annex J and these ones have been kept in the
revised Annex J, but with some amendments reflecting results of more recent researches
that we had been carried out in the meantime (see [J1] and [J2]).

In the next paragraphs, we will first describe briefly the actual recommendations included
in revised Annex J, as well as their field of application.

In a second step, we will reflect recent research works aimed at extending the Eurocode 3
rules to slender web panels - not presently covered by Annex J - and we will present
some results relative to an original model for slender stiffened panels which is now in
development at the Department MSM of the University of Liége.

The development of this model started last year in the frame of the diploma work of
F. Cerfontaine who is now assistant at the Department MSM. These works proceed under
our guidance. A collaboration with the Commercial Intertech (Astron) company in
Diekirch has also been set-up; it results from the particular interest of ASTRON for
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industrial portal frames made of rather slender buit-up profiles where shear of the column
web panel is a predominant criterion for joint design.

In order to allow F. Cerfontaine to possibly valorize the results of his work in a
forthcoming Ph.D. Thesis, we will deliberately restrict the contents of the present section
to generalities allowing the reader to understand the way followed in the research, the
results already available and the perspective for further developments.

For detailed information, it is recommended to refer to [C4] or preferably to a
forthcoming research report now in preparation in Liege.

Recommendations of Eurocode 3 Annex J

As for all the other individual components, three different aspects are covered as far as

column web panels in shear are concerned : stiffness, resistance and deformation
capacity.

Resistance

It has been demonstrated in the past, through different approaches - numerical and
experimental - , that the distribution of shear forces in column web panels is rather
uniform as long as no shear buckling occurs. Based on this, the resistance formula
included in Annex J is strictly limited to non-slender panels and writes :

094, f
4 — cJ ywe (3_28)
Rd —\EYMO
where : A, is the shear area of the column cross-section;

Jywe 18 the yield stress of the column web.

Non-slender columns means that the slenderness ratio d/t,, is limited to :

d
< 6% (3-29)
where : e=,235/ Jowe (fywe €xpressed in Mpa)

d, is the clear depth of the column web

Formula (3-28) is seen to limit the stress T in the shear area to 0,9 Sowe? V3 and not to

Fss \/3 as stated in the other codes or reference books. But we have shown in [J1] and

[J2] that longitudinal stresses o, in the column were reducing the shear resistance of the
column web panels from about 5 to 12 % according to the level of the longitudinal
stresses. The reduction factor 0,9 has been selected as a constant value in Eurocode so as
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to avoid, by taking explicitly the 0,.7 interaction into consideration, an iterative
evaluation procedure of the shear resistance.

In the case of transversally stiffened panels (Figure 3-27), an additional shear resistance is
provided by the frame constituted by the column flanges and the transverse stiffeners.

According to [J1], Eurocode 3 Annex recommends to evaluate the shear resistance of a
transversally stiffened panel as follows :

_ 0’9Achywc + 4Mpl,fc.Rd

= 3-30)
= B 4 (
where : d is the distance between the centrelines of the stiffeners;

My, 4.ra 1s the design plastic moment resistance of the column flange.

When diagonal web stiffeners are used to increase the shear resistance of a column web,
they should be designed to resist the forces to which they are subjected.

For design purposes, the design shear resistance of the panel is compared to the applied
shear force V, which may be expressed, through equilibrium equations, as a function of
the bending moments and shear forces acting on the panel (see formulae (1.1) and (1.2)
given in Chapter 1).

Stiffness

The contribution of the individual basic components to the rotational deformability of a
joint is expressed in Annex J through the definition of so-called stiffness coefficients.
That relative to unstiffened column web panels in shear writes as follows :

_0384,
i,swe BZ

where : z  is the level arm of internal forces derived as explained later in Section
3232

B is the transformation factor introduced in Chapter 1 (Section 1.3.4).

No significant effect of the transverse stiffeners on the elastic stiffness of the column web
panels is assumed, as demonstrated in [J1].
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(a) Elastic range (b) Yield line mechanism

Figure 3-27 Frame effect

Deformation capacity

Web panel in shear possess an important deformation capacity, quite large enough to
allow full redistribution of internal forces in the structural frame.

This fact is recognized by Annex J.

Design approaches for slender panels

Existing material

When the slenderness ratio of the column web panel exceeds a limit, the value of which
is taken as equal to 69 & (see Formula (3-29), buckling occurs for a shear critical
resistance termed V.. Beyond this value, the uniform distribution of shear stresses
(Figure 3-28.b) is replaced by a non-uniform one (Figure 3-28.c) where a well-known
diagonal tension field develops. Finally, failure under ultimate shear forces is preceded by
the apparition of a yield line mechanism where hinges form in the surrounding column
flanges and stiffeners which are usually present because of the significant risk of
premature failure by column web buckling in compression (load-introduction effect).

This idealization of the panel response which consists in isolating three contributions and
summing them up to derive the ultimate resistance of the panel has been first applied to
beam in bending and shear - let us remember the well-known Cardiff model [ES] - before

being applied years later to column web panels in shear by Pasternak [V2] and others [S3,
S4] in Braunschweig.

So: Vi =V, +V, +V, (3-31)

where : V.. 1is the critical shear resistance of the panel;
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Vir  is the shear resistance associated to the diagonal tension field;

Vin  1s the shear resistance associated to the yield line mechanism in the
surrounding plates.

Analytical expressions are provided by Pasternak for each of these three contributions to
the ultimate shear resistance. For design purposes, it could probably be considered that
only the two first contributions have to be taken into consideration. From comparisons
with experimental test results [C4], the reasonable accuracy of the model may be shown.

No indication is provided on how to derive the shear stiffness of the panel in the elastic
range as well as in the non-elastic one.

In [C4], Cerfontaine tries to bring justification to the model, the background of which
seems not yet fully available. He also discusses the assumptions on which the model is
based as well as the inconsistencies on which the application of the model is leading. The
outcome of this work is summarized here below where criticisms are sometimes
addressed to the Pasternak's model; but more often, interrogations resulting from the lack
of background information are raised.

Pasternak’s model

e In the Pasternak's model, the critical shear resistance is assessed by assuming that the
web is simply supported on the surrounding plates (flanges and stiffeners). This is a
safe assumption which is not confirmed by experiments and by numerical simulations
of the whole panel response as demonstrated by Taquet in [T1]. The rotational
restraint provided by the surrounding plates depends on their dimensions and on their
own support conditions.

e The effective width of the tension field is known to be highly dependent on the
flexural stiffness of the surrounding plates along the web edges. In the Pasternak's
model, the tension field extends over more than half-a-panel and the width g of the

tension field is seen to be independent on the connexion type, welded or bolted (see
Figure 3-29).

These assumptions appear as quite questionable.

In [T1], Taquet shows, by means of numerical simulations, that the zone of high
tensile stresses is much narrow than that selected by Pasternak. On the other hand, in
some bolted connections, the level of connection between the end-plate and the
column flange is limited to the zones located close to the beam flanges (Figure 3-
29.b). The flexural stiffness of the column flange between the two internal bolt-rows is
rather limited, and certainly lower than what it is in a welded connection where the
column flange is stiffened by the beam web to which it is welded (Figure 3-29.a).

In other words, the quite different support conditions of the column web panel in

welded and bolted connections respectively leads to consider different anchorages for
the tension field and therefore different effective widths.



Chapter 3 - New contributions to the component method 3.34.

(a) Beam-to-column joint

VCI’
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—~——

atff—
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(b) Critical contribution
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Vi

(c) Tension field contribution

Vm
atl——

————
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(d) Yield mechanism contribution

Figure 3-28 Contribution to the shear resistance of slender column web panels
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e Similar conclusions apply also to the location of the plastic hinges in the yield line
mechanism associated to the shear resistance V,, (Figure 3-30 shows one of the two
mechanisms suggested by Pasternak, that leading to the lower resistance being
selected). Some kinematic incompatibilities as that highlighted in Figure 3-30.b - there
where the additional triangular stiffener is welded to the upper web transverse stiffener

- are also likely to occur as long as the actual distribution of stiffness all around the
panel is disregarded.

(a) Welded connection (b) End-plate connection

Figure 3-29 Typical tension field according to Pasternak

(a) Welded connection (b) End-plate connection

Figure 3-30 Yield line mechanism according to Pasternak

* The only apparent way to re-derive the expression of the shear resistance Vi proposed
by Pasternak, and to respect at the same time all the equilibrium equations of the
panel, is to assume that the resultant of the forces in the tension field acts along the
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diagonal of the panel, what seems in contradiction with Figure 3-29 where the tension
field is not centred on the diagonal.

e The reduced slenderness A, of the column web panel is defined as e /( V3t,,)

where 7T, is the elastic critical shear stress.

Figure 3-31 illustrates the evaluation of the design resistance V), zs proposed by Pasternak
(Ver + Vi) versus the reduced slenderness of the web. The variation of e is obtained
through the modification of one of the dimensions of the panel. For low values of Do,
Vo.ra is equal to the plastic shear resistance of the panel defined as equal to
A, S/ ( \[3—7 o) by Pasternak. For progressively increasing values of e, an increase of

the shear resistance is first obtained before a more logical behaviour occurs, characterized
by a decrease of V,, gs with increasing values of Ao.

The model of Pasternak is therefore seen to present imperfections, and some of them
appear as quite unacceptable as, for instance, the respect or not, according to the
circumstances, of the basic assumptions on which the model is initially based, when
deriving the resistance evaluation formulae.

Present developments in Liege

On the basis of this preliminary work and of the conclusions drawn, the criteria that a
"good model” for slender web panel would have to satisfy have been listed :

o Better reflect the relative importance of the critical and tension field contributions to
the shear resistance;

e Use a consistent set of assumptions throughout the whole development process of the
model;

¢ To be in accordance with present Annex J rules when the slenderness ratio of the
panel decreases beyond 69 €.

e To differentiate the behaviour of web panels being part of joints with welded and
bolted joints respectively.

This work has started and first proposals for amendments have already been brought. In
particular, Cerfontaine has suggested in [C4] an original procedure to take into
consideration the restraints at the web edges as well as a new definition of the tension

field width and yield mechanisms to be considered in the case of bolted and welded joints
respectively.

A preliminary stiffness model has also been established. All these developments should
go on in the next months; experimental tests are planned, in collaboration with
Commercial Intertech and it is thought that numerical finite element simulations should

help in deriving reliable models based on a deep understanding of the web panel response
in terms of stiffness and resistance.
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Figure 3-31 Variation of V,, g4 with B

3.2.2 Interaction between components

3.2.2.1 Generalities

It is well-known that the joint behaviour has a major influence on the frame response. On
the opposite side, it is much less known that the interaction between the forces acting in
the connected members influences, generally in a negative way, the joint design
resistance.

The elastic stiffness of the components is obviously not influenced by such stress
interactions. The components which are likely to be influenced are the column web panel
in compression, the column web panel in tension, the column web panel in shear and the
column flange in bending.

In the old Annex J, some limited interactions in the column flange in bending were taken
into consideration through appropriate reduction factors. These ones have been kept when
drafting the new revised Annex J, without any further investigations.

During this revision, and on the basis of the theoretical and numerical studies performed
in Liége and reported in our Ph.D. Thesis [J1], new reduction factors have been
introduced so as to avoid the unconservative character of some of the old formulae.

At present, revised Annex J includes therefore some different reduction factors which can
be classified in two categories :

e those which were already included in the old Annex J, the background of which is
quite limited (these coefficients have been kept in the revised Annex J because no

other work confirming the validity or recommending to modify them or to cancel them
was available);
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e those which have been included in revised Annex J on the basis of the theoretical and
numerical works reported in [J1].

This situation led us quickly to the conclusion that experimentation was needed in order
to check the validity of the reduction factors against test results and possibly improve
their expression or field of application. This has been made possible through the
European COST C1 project funded by the Walloon Region of Belgium.

In this chapter, the different reduction factors are first introduced. The main conclusions
that can be drawn from the comparisons with the recent numerical simulations and
experimental tests are then described.

3.2.2.2 Physical descriptions of the interactions

Interactions in the column web panel

In a strong axis joint between H or I sections, the failure of the column web panel can
result from two different modes: shear yielding or local yielding under the tensile or
compressive forces carried over from the beam to the column by the connection (also
called load-introduction). For slender webs, a third mode (web buckling or crippling) can
also be observed in the compressive zone.

For a given joint, the failure mode of the web panel depends on its external loading; this
is illustrated in Figure 3-32.a where the ratio 1 between the left and right loads, P, and

P,, varies from O to 1. Figure 3-32 corresponds to a joint where the column web has a low
slenderness and is therefore not affected by buckling.

The ratio 1 is the one between the two bending moments in the beams on each side of the
column. When it is close to zero, the web panel is subjected to high shear forces what
leads usually to a shear failure. A ratio close to one means that the joint is symmetrically
loaded; in this case, the collapse can only result from load-introduction yielding (web
buckling or crippling is also possible for more slender webs)

In the column web panel, three kinds of stresses are acting together :

e shear stresses T,

e longitudinal stresses o, due to normal force and bending moment in the column;
e transverse stresses o; due to load-introduction.

The interactions between these stresses affect the joint resistance :

e longitudinal stresses o, decrease the shear resistance;

e shear stresses T decrease the load-introduction resistance;

e longitudinal stresses 0, may decrease the load-introduction resistance (compression
zone).
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The possible influence of o, stresses on the load-introduction resistance in the
compression zone is known for several years; the two other types of interaction, on the
one hand, were not taken into consideration in the old version of Eurocode 3 Annex J. In
our thesis [J1], we investigated deeply these interactions and, as a result, we suggested
expressions for reduction factors, in full agreement with available test results and
numerical simulations. The unsafe character of the previous Annex J, compared to our
model, is represented by the hachured zone in Figure 3-32.

P, = P

|

(a) External loading

RdT Shear
(Old Annex J)

lShear
(Revised Annex J)

I_oad introduction (Old Annex J)

I \,\E\}l\_&‘;\: IICISrSmenastasas-

Load introduction (Revised Annex J)

i I % i —4 N=PL/Pr

(b) Resistance

Figure 3-32 Variation of web panel resistance according to the external loading

But Annex J has been recently revised and the rules for the design of web panels have
been modified according to our proposals. The first modification concerns the shear
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resistance, V,, grs. The influence of the longitudinal stresses o, has been simply taken into
account with a constant reduction factor equal to 0,9:

:‘(V J:y/g (3-32)

Vira =09

A, is the shear area of the profile, f;.. the yield stress and %, the partial safety factor.

Formula (3-32) applies to web panels that have a web of sufficient thickness to ensure
that shear buckling is not a design criterion, i.e. d,/t,, <69¢ (see Eurocode 3, where d.

is the clear depth of the column and € =/235/ Sowe With fyc expressed in MPa.

The second modification consists in a possible reduction of the design resistance Fy,rq of
the column web in tension or compression with the shear stresses, by means of a
reduction factor p:

.t..b
For= p—f"’” e (3-33.2)
YmO
) 1 )
with : p= p, = = ifn =0 (3-33.b)
beff. t,.
1+1,3 | =+——
= p,+(1-p,)2.7M if0<n<0.5 (3-33.¢)
= 1 if 0.5<n<1 (3-33.d)

twe 18 the web thickness and b is the effective width, the value of which is given in the
code according to the connection detailing. Equation 3-33, represented by two lines, is a

simplification of the initial proposal we made. The difference between the two
approaches is illustrated in Figure 3-32.

The effect of the longitudinal stresses o, on the resistance of the column web in

compression is taken into account by means of an other reduction factor, k., that was
already existing in the old Annex J [Z5] :

0‘n,Ed

k,. =125-05—2 <1 (3-34)

ywe

On,£4 1S the normal stress in the column web, at the root of the fillet or of the weld, due to
longitudinal force and bending moment in the column. The minimum value of k. is 0,75

(when 0, g4 is equal to fju.). kwe covers the possible buckling of the web panel under the
combined action of the o; and o, compressive stresses.
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Finally, the last modification introduced in Annex J for the web panel is the extension of

the design rules for load-introduction to slender webs (A>0.673) [Al] by limiting the
design resistance of the web given in Equation (3-33) to its buckling or crippling
resistance:

k ) _
Fora= pM if A< 0.673 (3-35.a)
, YmO
k 1 .b _
Foori= pﬂ;—@-—i’?—[%-( 1- 0—’%—2- )] if 2> 0.673 (3-35.b)
m0

_ by d..
with : A= 093 —ﬁ’——z—f—yﬁ—
E.t,

d. is the clear depth of the column web, E the Young modulus and the other parameters
are defined here above.

Equations (3-32) to (3-35) are discussed in the present Chapter on the basis of

comparisons with numerical simulations (Section 3.2.2.3) and experimental tests (Section
3.2.2.4).

Interaction in the column flange for bolted connections

In bolted joints (with flush or extended end-plates, flange cleats), the column flange is
subjected to transverse forces. The design resistance of this component according to
Annex J of Eurocode 3 (see Appendix 3) may be reduced because of possible high
longitudinal stresses Ogomeqs (> 180 MPa) in the column flange by means of a reduction
factor ky equal to [Z5] :

k - 2fyc _ISO_Gcom,Ed
* 2f,, —360

<1 (3-36)

fyfe 1s the yield stress of the column flange.

The validity of this reduction factor is discussed in Section 3.2.2.4.

3.2.2.3 Numerical investigations

Test specimens

A large set of numerical simulations have been performed with the non-linear finite
element program FINELG [F1]. This software is developed in Ligge since several years.
It simulates the behaviour of structures until collapse and takes into account various

- phenomena such as non-linear mechanical properties for steel, second order effects,
residual stresses, initial imperfections.
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Welded joints have been modeled with shell elements (Figure 3-33). These numerical 3D
simulations, based on the geometry of experimental tests performed some years ago in
Innsbruck [K1], provide very interesting information such as strains and stresses
anywhere in the joint, or global behaviour curves which allow direct comparisons with
the theoretical models described in our Ph.D. Thesis [J1] and in the revised Annex J of
Eurocode 3.

Vi

L

I rrr—
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J 1T 77

e
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Figure 3-33 Discretization of welded joints
In [J1], the results of a quite large number of such numerical simulations are reported.
They had been performed in order to investigate the effect of parameters such as :
e the type of loading;
e the steel grade;
e the strain hardening;
e the initial imperfection of the column web.

As an outcome of these simulations, the validity of formulae (3-32) and (3-35) had been
demonstrated in the case of symmetrically loaded double-sided joint configurations (1 =
I) and single-sided joint configurations (1 =0).

In this section, the results of recent extra simulations performed in collaboration with
S. Guisse and C. Briquet from the MSM Department are discussed.

The two main studied parameters are here :
e the load factor n (see Figure 3-32);

* the load factor 3 defined as the ratio between the axial compressive force in the
column and its squash load N,, . (see Figure 3-34).
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The configurations considered are those described in Figure 3-34 and Table 3-2. The
reader interested in their geometrical and mechanical properties is begged to refer to
[C3].

ANpc BN
2 2

by

p.C

—

<é4
Figure 3-34 Joint configuration and loading for numerical simulations

Analysis of the results

Influence of n

Figure 3-35 shows how the M-¢ characteristic of the configuration A is affected by the
modification of the m loading parameter. For low values of m, the pseudo-plastic
resistance (see Appendix 1) is reached by shear of the column web panel. The curve
exhibits then a rather significant post-limit stiffness resulting from the development of
strain-hardening; the available rotation capacity of the joint is quite important. For
increasing values of m, shear becomes less predominant and failure occurs by load-
introduction, so leading to the instability of the column web panel in compression. The
strain-hardening range vanishes progressively and the ultimate resistance of the joint
identifies itself to the pseudo-plastic one for the value of the loading parameter 1 equal to
1,0. No plastic rotation capacity of the joint is then available. For intermediate values of

mM (for instance, = 0,6 in Figure 3-35), the resistance of the joint is seen to be higher
than forn = 1,0.
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Configuration A Configuration B
Column : HE160B Column : HE300B
Beam : IPE300 Beam : HE500B
n B n B
Influence of m 0,0 0,0 0,0 0,0
0,2 0,0 0,2 0,0
0,4 0,0 0,4 0,0
0,6 0,0 0,6 0,0
0,8 0,0 0,8 0,0
1,0 0,0 1,0 0,0
Influence of 1,0 0 1,0 0,0
1,0 0,4 1,0 0,4
1,0 0,5 1,0 0,5
1,0 0,6 1,0 0,6
1,0 0,7 1,0 0,7
1,0 0,8
0,0 0,0 0,0 0,0
0,0 0,4 0,0 0,4
0,0 0,5 0,0 0,5
0,0 0,6 0,0 0,6
0,0 0,7 0,0 0,7

Table 3-2 Considered parameters for numerical simulations
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Figure 3-35 Evolution of the M-¢ characteristic with n.
Configuration A with f =0

This is also apparent in Figure 3-36 and in Figure 3-37 where the pseudo-plastic moment
resistances of the joints A and B are reported versus loading parameter 7.

160 T

140 +

[ g Numerical simulations
80+ e EC3-Load-introduction
——ECS3-Shear

MRp [kNm]

Figure 3-36 Comparison between Eurocode 3 and numerical simulations.
Influence of 1 on the pseudo-plastic resistance of the joint.
Configuration A with = 0.



Chapter 3 - New contributions to the comporent method 3.46.

300+ _L..eeettTT [ EC3-Load-introduction
L EC3-Shear
200 + g Numerical simulations

MRp [kNm]
N
o
o

Figure 3-37 Comparison between Eurocode 3 and numerical simulations.
Influence of 1 on the pseudo-plastic resistance of the joint.
Configuration B with 8 = 0.

This evolution of the design resistance may be explained by referring to Figure 3-38
where the "n = I" situation is illustrated. At the beginning of the loading, the column
web response is elastic and the edges may be considered as rigidly connected to the
flanges (Figure 3-38.a). The buckling load of the web rigidly connected to the flanges is
much higher than the actual buckling load. In fact, the buckling of the web is preceded by
the yielding of the web at the beam-to-flange intersections, what modifies the support
conditions of the panel (Figure 3-38.b) : it may be assumed that the web is then simply
supported. For HEA, HEB and even DIL profiles - slenderness usually lower than 0,67
(see Formula (3-35)-, we have shown in [J1] that the pseudo-plastic resistance of the web
- which is linked to yielding - is a lower bound of the actual buckling length. In other
words, as soon as the pseudo-plastic resistance of the web is reached, the support

conditions of the web change, the web is no more restrained, and the instability may
develop.

In cases where 1 < 1, the pseudo-plastic resistance is reached on one side first while the
web is still restrained on the other side; the instability load is therefore higher.

To summarize, the risk of instability becomes greater with increasing values of 1 while
the crushing resistance increases (less interaction with shear stresses).

By referring to the diagrams given in Figure 3-36 and Figure 3-37, we can conclude that
the stress interaction is governing the failure for low and moderate values of M. For

higher values of m, instability predominates, what results in a decrease of the pseudo-
plastic resistance of the joint.
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Figure 3-38 Support conditions of the column web

A refined model to follow accurately this kind of evolution diagrams has been developed
by Guisse in [Cl, C2 and C5]. In Eurocode 3 Annex J, Formulae (3-32) and
(3-35) are recommended and the agreement with the results of the numerical simulations
is seen to be quite good.

Influence of B on the symmetrically loaded configurations (1 = 1)

The evolution of the M-¢ characteristics are shown in Figure 3-39 and Figure 3-40 for
increasing values of the 8 parameter.

The main conclusions are as follows :
e the elastic initial stiffness is not affected by f3;

e the ultimate resistance is quite similar to the pseudo-plastic one and decreases with
increasing values of B. In the simulations of the A configuration with 8 = 0,8 and of
the B configuration with § = 0,7, failure occurs by buckling of the column in
compression; these curves have therefore to be disregarded;

e the maximum drop of the resistance amounts 30 % for the A configuration and 25 %
for the B one.
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Figure 3-39 Evolution of the M-¢ characteristic with .
Configuration A with n = 1,0
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Figure 3-40 Evolution of the M-¢ characteristic with [3.
Configuration B with n = 1,0.

In Figure 3-41 and Figure 3-42, comparisons between Eurocode 3 Formula (3-35) and
results of numerical simulations are presented. How to derive the pseudo-plastic
resistance of the joints (see Appendix 1) from the M-¢ curves is explained in Section
3.2.2.4. under the heading "Definition of the experimental pseudo-plastic moment
resistance”. The agreement is seen to be quite good. It has to be noted again that the
results obtained for 8 = 0,8 in Figure 3-41 and B = 0,7 in Figure 3-42 should ideally be
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ignored as they correspond to a flexural buckling of the column in compression and not
to the local buckling of the column web in compression.

140 T
:
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~&-Numerical simulations
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Figure 3-41 Comparison between Eurocode 3 and numerical simulations.
Influence of B on the pseudo-plastic resistance of the column web in compression.
Configuration A with n = 1,0.
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Figure 3-42 Comparison between Eurocode 3 and numerical simulations.
Influence of B on the pseudo-plastic resistance of the column web in compression.
Configuration B with 1) = 1,0.
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Influence of B on the single-sided configuration (1 =0)

In single-sided joint configurations, the longitudinal stresses in the column result not only
from the applied compressive force N, ., but also from the bending of the column itself.
The value of o, g4 to consider in Formula (3-34) is therefore significant, at joint collapse,
even for low values of the f3 coefficient.

In Figure 3-43 and Figure 3-44, the V,-yand M-¢ characteristics of the web panel in shear
and load-introduction respectively (see Chapter 1) are reported for the A configuration.
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Figure 3-43 Evolution of the V,-y characteristic with j.
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Figure 3-44 Evolution of the M-¢ characteristic with .
Configuration A withn =0

Failure occurs by excessive yielding of the column web panel in shear for a zero B value,
while load-introduction is predominant even for moderate values of B. This is clearly
apparent from Figure 3-44 : for B = 0, the M-¢ curve exhibits a significant post-limit
stiffness corresponding to the development of strain-hardening; for higher values of B,
load-introduction leads more and more quickly to instability phenomena in the column
web in compression and the importance of the post-limit effects reduce, together with the
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rotation capacity. For high values of B, the flexural buckling of the column occurs under
axial forces and moments (B = 0,7).

Similar conclusions may be drawn from Figure 3-45 and Figure 3-46 relative to the B
configuration; the only difference is that load-introduction predominates also for a zero [3
value.
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Figure 3-45 Evolution of the V,-y characteristic with B.
Configuration B with n = 0.
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Figure 3-46 Evolution of the M-¢ characteristic with f3.
Configuration B with 1 = 0.

In Figure 3-47 and Figure 3-48, the pseudo-plastic resistances obtained numerically are
compared to the corresponding shear and load-introduction resistances provided by
Eurocode 3 Annex J. Again the rather good agreement may be pointed out. Results
corresponding to 3 = 0,7 have to be disregarded for above-mentioned reasons.
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Figure 3-47 Comparisons between Eurocode 3 and numerical simulations.
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Figure 3-48 Comparisons between Eurocode 3 and numerical simulations.
Influence of 8 on the pseudo-plastic resistance of the joint.

Configuration B with n = 0,0.
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3.2.2.4 Experimental investigations

Test specimens

Twenty-four experimental tests on joints have been performed in the laboratory of the
MSM Department. Sixteen of them were welded joints while the others were bolted ones
with flush end-plates. Three different joint configurations, illustrated in Figure 3-49
respectively named WS, WN and EPN have been tested (8 tests for each configuration).

Tests WS are dedicated to the study of the load-introduction and shear stress interactions
in the column web panels. "W" means "Welded" and "S" is the first letter of "Shear". The
main parameter is the ratio n between the forces applied on the left and right beams. n
varies from 1 = 0 in test WSO to 1,0 in test WS10. In tests WSOC and WS10C, the effect
of the longitudinal stresses in the column, respectively for n= 0 and n = 1,0, is
investigated (« C » means « compression in the column »).

Tests WN are aimed at studying the effect of the axial compressive force N in the
column. In the four first tests (WNO to WNG6), the ratio B between the constant applied
load N and the squash load of the column varies from O to 0,6 and 1 = 0; this corresponds
to single-sided joint configurations. In the four last ones (WNOS to WN7S), B varies from

0 to 0,7 and 1 is fixed equal to one, what corresponds to Symmetrically loaded double-
sided joint configurations.

Tests EPN are all carried out on symmetrically loaded double-sided joint configurations
(m = 1,0). They are aimed at pointing out the influence of the force N in the column on
the resistance of the End-Plate, and more especially on the resistance of the column
flange in bending. [} varies between 0 and 0,8. Two series of tests have been performed,
respectively with S235 (tests EPN235) and S355 (test EPN355) steel columns. In tests

EPN235, 10.9 bolts are used while 8.8 ones connect the beams to the column in EPN355
tests.

The actual geometrical characteristics of all the tests specimens as well as the mechanical
properties of the constitutive steels are reported in [C5]. This report also includes all the
details concerning the instrumentation used and the way how the measurements have

been combined so as to obtain reliable moment-rotation characteristic curves for each
test.
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Test number Steel grade of the Values of 1 Values of
column

WSO S235 0,0 0,0
WS2 S235 0,2 0,0
WS4 S235 0,4 0,0
WwS6 S235 0,6 0,0
WS8 S235 0,8 0,0
WS10 S235 1,0 0,0
wSsocC S235 0,0 0,5
WS10C S235 1,0 0,6
WNO S235 0,0 0,0
WN3 S235 0,0 0,3
WN5 S235 0,0 0,5
WN6 S235 0,0 0,6
WNOS S235 1,0 0,0
WN3S S235 1,0 0,3
WNS5S S235 1,0 0,5
WN7S S235 1,0 0,7
EPN235C0 S235 1.0 0,0
EPN235C5 S235 1,0 0,5
EPN235C7 S235 1,0 0,7
EPN235C8 S235 1,0 0,8
EPN355C0 S355 1,0 0,0
EPN355CS S355 1,0 0,5
EPN355C7 S355 1,0 0,7
EPN355C8 S355 1,0 0,8

Table 3-3 Test numbers and parameters

Definition of the experimental pseudo-plastic moment resistance

As specified in Appendix 1, the pseudo-plastic moment resistance of a joint differs
significantly from the ultimate one. While the latter can be identified as the peak
resistance of the moment-rotation curve, the pseudo-plastic one is much more difficult to
determine precisely. The procedure followed in this section - amongst those presented in
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[J1] - is that where the pseudo-plastic resistance is identified as the intersection point
between the actual moment-rotation curve and the a straight line passing through the
origin of the axes and the slope of which is equal to the third of the experimental initial
stiffness of the curve, according to the definition of the secant stiffness given in Eurocode
3 Annex J.

The accuracy of this procedure depends on the ability to define a precise value of the
initial stiffness. This is the case in the present experimental programme where
"unloading-reloading" cycles have been systematically carried out during the tests so
allowing to determine an estimation of the initial stiffness to be considered as
independent of the unavoidable lacks of fit occurring during the first loading.

The same procedure has been used for the results of the numerical simulations presented
in Section 3.2.2.3.

The procedure is illustrated in Figure 3-50 where tests WSO to WS10 are reported. The
consistency between the six curves in the elastic range - from a theoretical point of view,
the initial stiffnesses of the six curves should be exactly the same - has to be noted.

Moment (kN.m)

Test WSO
Test WS2
Test WS4
Test WS6
Test WS8
Test WS10

Rotation (mrad)

Figure 3-50 Definition of the pseudo-plastic moment resistance

Analysis of the WS test results

The M-¢ curves of the six WS tests with § = 0 are reported in Figure 3-51 where the
significant influence of the loading parameter m is again clearly seen. Tests WS8 and
WS10 appear however much stronger than the four others. This difference can not only
be explained by the influence of the M parameter. It seems, in contrary to what was
certified by the fabricator, that all the columns were not from the same rolling. The
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profiles had been evacuated from the laboratory when we realized this difference, so
preventing us from performed coupon tensile tests on WS8 and WS10 specimens.

The pseudo-plastic resistances of the six tests are compared in Figure 3-52 to the values
predicted by Eurocode 3 revised Annex J. The discontinuity of the two tests WS8 and
WS10 is apparent. For the four first tests, the agreement is seen to be rather good even if
Eurocode 3 overestimates a bit the resistance for low and moderate values of 1; for these
ones, the ultimate resistance of the joints is much higher than the pseudo-plastic one and
the ductility is quite significant, so limiting the impact of this overestimation on the
structural design and analysis process.

Moment (kN.m)

g
R
23202

Test WS10

Phi (mrad)

Figure 3-51 Comparison of the M-¢ curves for WS tests
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Figure 3-52 Comparison between Eurocode 3 and experimental test results.
Influence of 1 on the pseudo-plastic resistance of the joints. Tests WS
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Analysis of the WN test results

Figure 3-53 and Figure 3-54 show the experimental M-¢ curves got from tests WN (1 =
0,0) and WNS (n = 1,0) respectively.
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Figure 3-53 Comparison of the M-¢ curves for tests WN (11 = 0,0).
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Figure 3-54 Comparison of the M-¢ curves for tests WNS (1 = 1,0)

Test WNO has to be disregarded because of technical problems during experimentation.
From the other tests, it may be concluded that the evolution of the moment-rotation
curve, and in particular of the pseudo-plastic resistance (see Figure 3-55) is not enough
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significant to be taken into consideration. The level of the longitudinal stresses in the
column is however rather high but is anyway limited to B values where no, or very
limited, reduction of the pseudo-resistance is recommended by Eurocode (= 0,45 for
unsymmetrical joints, = 0,6 for symmetrical ones in Figure 3-55) because of the risk of
flexural buckling of the column in the plane of the test specimens - the out-of-plane
buckling of the column was prevented during the tests -. The actual values of f differ
from the nominal ones reported in Table 3-3 because of the difference between measured
and nominal values of the yield stresses.

It may be concluded, from these comparisons, that the values of the longitudinal stresses
are often limited, in practical cases, because of the risk of flexural buckling of the
column, and that the use of the reduction factor given by Formula (3-34) is rarely
affecting the pseudo-plastic resistance of the joints.

It has to be noted that high values of 8 have been obtained in the numerical simulations
presented in Section 3.2.2.3. through the use of short column stubs.

J MRP (ka)
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Figure 3-55 Comparison between Eurocode 3 and experimental test results.
Influence of f3 on the pseudo-plastic resistance of the joints.
Tests WN and WNS.

Analysis of the EPN test results

The M-¢ characteristics of the EPN 235 and EPN 355 tests are compared in Figure 3-56

and Figure 3-57. Test EPN 235C8 is not reported because of technical troubles during
experimentation.
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Figure 3-58 Comparison between Eurocode 3 and experimental test results.
Influence of o, stresses on the pseudo-plastic resistance of the joints. Tests EPN.

In Figure 3-58, comparisons are made between the experimental and predicted pseudo-
plastic resistances of the beam flange in bending where yielding first occurs.

From these diagrams, the significant influence of the longitudinal stresses in the column
flange is seen. The unconservative character of the reduction factor given by Formula (3-
36) is also apparent.

A rather good agreement between tests and models is obtained for ¢, =0 but the
decrease of the resistance with o, is higher in the tests than it is predicted by the code.

The argument which would consist in expressing that the level of stresses in the flange is
limited by the risk of flexural instability of the whole column in bending seems less
pertinent here than in the case of the column webs in compression and that is why we
would recommend to investigate more deeply this aspect in the future through
appropriate further experimental investigations and possibly numerical ones, as reliable

models for the finite element simulations of bolted connections should be soon available
for parametrical studies [B2, B3].

3.2.2.5 Conclusions

According to the component method described in Chapter 2, a joint is constituted of so-
called individual basic components. This does not prevent some of these components to
interact. These interactions may lead to substantial decreases of the resistance of the joint
as a whole, what justifies the need to take them carefully into consideration.
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On the basis of available studies, recent and older reduction factors have been introduced
in Eurocode 3 Annex J so as to cover the influence of these interactions :

e the reduction factor p possibly limits the load-introduction resistance of the column
web in tension and compression when high shear stresses are simultaneously acting in
the column web panel;

e the reduction factor k,. may decrease the buckling resistance of the column web in
compression in the case of high longitudinal stresses in the column;

e the reduction factor kg reduces the resistance of column flanges in bending subjected
to high longitudinal stresses resulting from axial forces and bending moments in the
column.

In order to confirm the accuracy of these reduction factors (p) and to justify their need
(kwe and kg for which a quite limited background was available), numerical simulations

and experimental tests have been performed in the frame of the COST C1 project funded
by the Walloon Region of Belgium.

The conclusions of the study are as follows :
e the reduction factor p is quite justified and its degree of accuracy has been confirmed;

e the reduction factor k.., despite its quite simple expression, seems to cover rather well
the possible interactions with longitudinal stresses in the column higher than 0,5 fi.
where f,. is the yield stress of the column flange in bending.

In practical situations, the level of the stresses remains however limited because of the
risk of flexural buckling of the column; no interaction is therefore usually taking
place.

That is why it may be recommended not to take this reduction factor into consideration
in the first design steps and only check the suitability of the assumption made by
checking, in a later step, that the longitudinal stresses are lower than 0,5 f,r, what
should happen in most of the cases.

e the reduction factor ks seems, from available tests, to underestimate the level of
interaction with longitudinal stresses in the column flange in bending; further studies
appear to be quite necessary to confirm these first conclusions and possibly suggest
another expression more in line with the experimental evidence.

3.2.3 Assembly of the components

3.2.3.1 Introduction

The assembly of the components constitutes the third and last step of the component
method. As its name indicates, it consists in assembling the individual components all
together so as to derive the mechanical properties of the whole joint. The relationship
between component properties and joint properties is based on what is commonly called
the "distribution of internal forces in the joint". The latter consists in determining, for a




Chapter 3 - New contributions to the component method 3.63.

given set of external forces acting on the joint, the way these forces distribute between all
the constitutive components, the force to which every component s subjected being
termed "internal force".

All this not only applies to structural joints. In any cross-section of beams and columns,
this distribution is commonly carried out so as to determine its flexural rigidity or its
level of resistance in bending, shear, torsion and/or axial compression or tension. That is

why, in the next paragraphs, the word "cross-section" covers as much beam and column
sections as joint sections.

The distribution of internal forces has to be carried out in a rational way, and has, from a
theoretical point of view, to fulfil the following requirements :

e the internal forces - which result from the distribution - have to be in equilibrium with
the external forces acting on the cross-section;

e the compatibility of the displacements between the constitutive parts of the cross-
section - namely components in the case of a joint - has to be respected;

e cach part of the cross-section has to be able to transfer the internal force to which it is
subjected;

e the maximum deformation capacity of each part of the cross-section has never to be
exceeded.

In the case of a beam or column H or I cross-section subjected to bending moment, the
distribution of internal forces - read stresses in this particular case - in the elastic range
follows the Navier rule (Figure 3-59).

Iy My

. N B A
! y

(a) Beam (b) Internal stresses (c) External force

Figure 3-59 Elastic distribution of internal forces - stresses here - in a beam profile in
bending (I = second moment of inertia)
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Figure 3-60 Internal forces - stresses here - corresponding to the maximum elastic design
moment resistance of the cross-section
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Figure 3-61 Internal forces - stresses here - corresponding to the plastic moment
resistance of the cross-section

When the maximum internal stresses reach (in y = #H/2) the value of the yield stress f, of
the constitute steel divided by a partial safety factor yj, the maximum elastic moment

resistance of the cross-section is obtained (Figure 3-60). The design moment resistance is
expressed as :

I f

—_— Y -

where W is the elastic modulus of the cross-section in bending.
To profit from the plastic extra resistance of the cross-section, reference has therefore to

be made to the distribution represented at Figure 3-61. The design resistance amounts
then :

M =2Zf, /Yy (3-38)

where Z designates the plastic modulus of the cross-section in bending.
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In these distributions, the Bernoulli’s assumption has been considered so expressing a
compatibility between the elongation - or shortening - of all the constitutive fibers of the
cross-section. Both elastic and plastic distributions illustrated in Figure 3-60 and Figure
3-61 are in equilibrium with the applied external forces and respect the plasticity criterion
(o < f/vu). Therefore, they satisfy three of the four criteria expressed here above and to
that any distribution of internal forces should fulfil.

To reach the elastic or plastic moment resistance, the constitutive fibers of the section
have to possess a sufficient deformation capacity so as to reach the yield stress - in the
case of the elastic distribution - or to reach the yield stress and to allow a plastic
redistribution of the stresses between the adjacent fibers - in the case of the plastic
distribution. This means that no premature local buckling of one of the section walls in
compression and that no rupture of the material in tension has to occur so limiting the
moment capacity of the section. Specific criteria are provided in the codes so as to
prevent the user from overestimating the resistance when such limitations apply. In these
conditions, the fourth criterion on ductility is also fulfilled.

In a H or I profile, it is also common to reduce the bending moment applied to the cross-
section to a couple of forces located at the level of the axes of the beam flanges. The
intensity of the forces is limited to the design resistance of the flanges in tension and
compression, due attention being paid to the possible local buckling of the flange in
compression. The web, the bending resistance of which is neglected, is usually devoted to
the transfer of shear forces. Amongst the four above-mentioned criteria, three are
therefore satisfied. As a matter of fact, no condition is fixed for what regards the
compatibility of the displacements within the section. This so-called static approach is
known to lead to a safe estimation of the design resistance of the section and is usually
followed for sake of simplicity.

The procedure to distribute internal forces within structural joints is quite similar to that
described in the foregoing paragraphs for beam and column cross-sections. That is what
we intend to demonstrate in the remainder of this chapter. In 3.2.3.2, the procedure
followed by Eurocode 3 Annex J is described; it applies to steel beam-to-column joints
and beam splices where the beam(s) is (are) subject to bending moments and shear
forces. For sake of simplicity and to allow for a hand calculation, two separate
distribution procedures are detailed, one for the evaluation of the elastic initial stiffness
and another one for the assessment of the design resistance of the joint.

In 3.2.3.3, a more general procedure is presented, that allows to follow the behaviour of
the studied joint from the first beginning to collapse. It also applies to steel beam-to-
column joints and beam splices but its particularity is to allow for axial tensile or
compressive forces to be applied to the joint(s) in addition to bending moments and shear

forces.

3.2.3.2 Joint under bending and shear forces

In the next pages, the Eurocode 3 Annex J procedures for distribution of internal forces in
the elastic range and at collapse are presented.
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It has to be pointed out that the initial elastic stiffness and the design resistance are
considered by Eurocode 3 as the two main parameters characterizing the response of a
joint in bending. Based on these two values, a full M-¢ curve can then be derived as
shown in Figure 3-62.

Provided that the non-linear M-¢ curve of revised Annex J is not limited by the rotational
capacity (@cq), this curve consists of three parts. Up to a level of 2/3 of the design
moment resistance Mg, , the curve is assumed to be linear elastic. The corresponding
stiffness is the so-called initial stiffness S; ;.. Between 2/3 Mgy and Mgy, the curve is non-
linear. After the moment in the joint reaches Mg, a yield plateau develops.

moment
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rotation
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Figure 3-62 Non-linear M-¢ curve according to Annex J

The model assumes a fixed ratio between the initial stiffness S ;,; and the secant stiffness
at the intersection between the non-linear part and the yield plateau (S; at level Mg,). For
end-plated and welded joints, this ratio is equal to 3. For flange cleated joints, this ratio is

3,5. These values are approximated values; they result from studies and test observations
reported in our Ph.D. thesis [J1].

The shape of the non-linear part between 2/3 Mg, and Mg, is given by the following
interpolation formula :

Sj,im'
S;=—— (3-39)
(1, 5M,, j
MRd
where y = 2,7 for end-plated and welded joints and 3,1 for flange cleated joints.

In this interpolation formula, the value of S; is dependent on Ms,.
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Stiffness assembly

As revised Annex J refers to the so-called component method, the rotational response of
a joint is determined based on the mechanical properties of its different constitutive
components. The advantage is that an engineer is able to calculate the mechanical
properties of any joint by decomposing the joint into relevant components. Annex J gives
direct guidance for end-plated, welded and flange cleated joints for this decomposition.
Table 3-4 shows an overview of components to be taken into account when calculating
the initial stiffness for these types of joints.

Component Number End-plated | Welded | Flange cleated
Column web panel in shear 1 X X X
Column web in compression 2 X X X
Column flange in bending 3 X X
Column web in tension 4 X X X
End-plate in bending 5 X

Flange cleat in bending 6 X

Bolts in tension 7 X X

Bolts in shear 8 X

Bolts in bearing 9 X

Table 3-4 Overview of components for different joints

In the model, it is assumed that the deformations of the following components : a) beam
flange and web in compression, b) beam web in tension and c) plate in tension or
compression are included in the deformations of the beam in bending. Consequently they

are not assumed to contribute to the flexibility of the joint. Haunches, when present, fall
also in this category.

The initial stiffness S;;,; is derived from the elastic stiffnesses of the components. The

elastic behaviour of each component is represented by an extensional spring. The force-
deformation relationship of this spring is given by :

F; = ki'E'Ai (3-40)
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where Fy is the force in the spring i;
k; is the stiffness coefficient of the component i;
E is the Young modulus;
4; is the deformation of the spring i.

The spring components in a joint are combined into a spring model. Figure 3-63 shows
for example the spring model for an unstiffened welded beam-to-column joint.

Figure 3-63 Spring model for an unstiffened welded joint

The force in each spring is equal to . The moment M acting on the spring model is equal
to Fz, where z is distance between the centre of tension (for welded joints, located in the
centre of the upper beam flange) and the centre of compression (for welded joints,
located in the centre of the lower beam flange). The rotation ¢ in the joint is equal to
(Aj+A+Ay) / z. In other words:

M F Fz? E7*
Simi=— =5 = = (3-41)
e XA Fel o1

Z E k. k.

1 1

The same formula applies for an end-plated joint with a single bolt-row in tension and for

a flange cleated joint. However, components to be taken into account are different, see
Table 3-2.

Figure 3-64.a shows the spring model adopted for end-plated joints with two or more
bolt-rows in tension. It is assumed that the bolt-row deformations for all rows are
proportional to the distance to the point of compression, but that the elastic forces in each
row are dependent on the stiffness of the components. Figure 3-64.b shows how the
deformations k;, of components 3, 4, 5 and 7 are added to an effective spring per bolt-
row, with an effective stiffness coefficient ke X (r is the index of the row number). In
Figure 3-64.c is indicated how these effective springs per bolt-row are replaced by an

equivalent spring acting at a lever arm z. The stiffness coefficient of this effective spring
is keq- The effective stiffness coefficient keq can directly be applied in Formula 3-41. The

formulae to determine k,z,, z and keg are as follows :
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. (3-42)

2
keﬁ,rhr
P — (3-43)
z keﬁ‘,rhr
2 heﬁ‘,rhr
ki =———— (3-44)

They can be derived from the sketches of Figure 3-64. The bases for these formulae is
that the moment-rotation behaviour of each of the systems in Figure 3-64.a to 3-64.c is
equal. An additional condition is that the compressive force in the lower rigid bar is equal

in each of these systems.

eff, 1 Ky

b) M c) M

Figure 3-64 Spring model for a beam-to-column end-plated joint with more than one
bolt-row in tension

In this stiffness model :
e the internal forces are in equilibrium with the bending moment;

e the compatibility of the displacements is ensured through the assumption of an
infinitely rigid transverse stiffness of the beam cross-section;
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o the plasticity criterion is fulfilled as long as the elastic resistance of the springs is not
reached;

¢ no ductility requirement is likely to limit the deformation capacity of the springs in the
elastic range of behaviour as long as Eurocode 3 Annex J components are of concern.

The solution provided by Eurocode 3 Annex J for initial stiffness prediction fulfils the
four main requirements to which any distribution of internal forces should satisfy, from a
theoretical point of view, and can therefore be considered as an « exact » one.

Strength assembly

The procedure for strength assembly as suggested in Eurocode 3 revised Annex J is
aimed at deriving the value of the so-called design resistance of the joint (see Appendix
1). By sake of clarity, it is not presented here in a general way but is illustrated in the
particular case of beam splices with flush end-plates.

For the connection represented in Figure 3-65, the distribution of internal forces is quite
easy to obtain : the compressive force is transferred at the centroid of the beam flange, the
tension force, at the level of the upper bolt-row. The resistance possibly associated to the
lower bolt-row is usually neglected as it contributes in a quite modest way to the transfer
of bending moment in the joint (small level arm).

The design resistance of the joint Mg, is associated to the design resistance Fgy of the
weakest joint component, either the beam flange and web in compression, the beam web
in tension or the plate in bending and bolts in tension. For the two last components (plate

and bolts), reference is made to the concept of "idealized T-stub" introduced in Appendix
3.50:

My, =Fy.2 (3-45)

where z is the level arm.

Figure 3-65 Joint with one bolt-row in tension

When more than one bolt-row are to be considered in the tension zone (Figure 3-66), the
distribution of internal forces is more complex.
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Figure 3-66 Joint with more than one bolt-row in tension

Let us assume, in a first time, that the design of the joint leads to adopt a particularly
thick end-plate in comparison to the bolt diameter (Figure 3-67). The distribution of
internal forces between the different bolt-rows is linear according to the distance from the
centre of compression. The compression force F. which equilibrates the tension forces
acts at the level of the centroid of the lower beam flange. For sake of clarity, it is only
represented in Figure 3-67 and not in the following ones.
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Figure 3-67 Joint with a thick end-plate

The design resistance Mg, of the joint is reached as soon as the bolt-row subjected to the
highest stresses - in reality, that which is located the farthest from the centre of
compression - reaches its design resistance in tension 2B, 4.

As a matter of fact, the quite limited deformation capacity of the bolts in tension does not
allow any redistribution of forces to take place between bolt-rows.

It is here assumed that the design resistance of the beam flange and web in compression
is sufficient to transfer the compression F, force. The tensile resistance of the beam web

is also assumed not to limit the design resistance of the joint. Mg, is so expressed as
(Figure 3-67) :

F,
My = 2 (3-46)

For thinner end-plates, the distribution of internal forces requires much more attention.
When the first loads are applied to the joint, the forces distribute between the bolt-rows
according to the relative stiffnesses of the latter. This stiffness is namely associated to
that of the part of the end-plate adjacent to the considered bolt-row. In the particular case
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of Figure 3-68 , the upper bolt-row is characterized by a higher stiffness because of the
presence there of the beam flange and web welded to the end-plate.

Because of the higher stiffness, the upper bolt-row transfers proportionally a higher load
than the lower ones (Figure 3-68.b)
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(b) Distribution of the internal forces at the beginning of the loading

Figure 3-68 Joint with a thin end-plate

In Eurocode 3 Annex J, it is assumed that the upper bolt-row will reach first its design
resistance. This assumption is probably quite justified in the particular case being
considered but is probably less justified for other connection types such as for end-plate
connections with an extended part in the tension zone where it is usual that the second
bolt-row reaches first its design resistance - that located just beneath the beam flange in
tension-.

The design resistance of the upper bolt-row may be associated to that of the bolts only
(Mode 3 in Appendix 3), of the end-plate only (Mode 1), of the bolt-end-plate assembly
(Mode 2) or to that of the beam web in tension. If its failure mode is ductile, a
redistribution between the bolt-rows can ‘take place : as soon as the upper bolt-row
reaches its design resistance, the supplementary bending moments applied to the joint are

carried over by the lower bolt-rows (the second, then the third, etc.) which, each one in
their turn, reach their own design resistance.

The failure may occur in three different ways :

1. The plastic redistribution of the internal forces extends to all bolt-rows because of
their sufficient deformation capacity. The redistribution is said "complete" and the
resulting distribution of internal forces is called "plastic".
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The design moment resistance Mg, is expressed as (Figure 3-69) :

My, = Foy by (3-47)

The plastic forces Fgy; vary from one bolt-row to another according to the failure
modes (bolts, plate, bolt-plate assembly, beam web, ...).

Eurocode 3 considers that a bolt-row possesses a sufficient deformation capacity to
allow a plastic redistribution of internal force to take place when :

e F,;;is associated to the failure of the beam web in tension or;

e Fpgy,is associated to the failure of the bolt-plate assembly (including failure of
the bolts alone or of the plate alone) and :

FRd,i = ]"9 Bt.Rd

The background of the « 1,9 B;g; » criterion is given in the Appendix 3 of the present
thesis.

i F . 1
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Figure 3-69 Plastic distribution of forces

The plastic redistribution of forces is interrupted because of the lack of deformation
capacity in the last bolt-row which has reached its design resistance (Fy,, >19 B, .,

and linked to the failure of the bolts or of the bolt-plate assembly).

In the bolt-rows located lower than bolt-row k, the forces are then linearly distributed
according to their distance to the point of compression (Figure 3-70).

The design moment resistance equals :

F,
My = D Fyy+ = 2 (3-48)
=Lk k  j=k+ln
where : n  is the total number of bolt-rows;

k  is the number of the bolt-row, the deformation capacity of which is
not sufficient.
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In this case, the distribution is said "elasto-plastic".
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Figure 3-70 Elasto-plastic distribution of internal forces

iii. The plastic or elasto-plastic distribution of internal forces is interrupted because the
compression force F, identifies itself to the design resistance of the beam flange and

web in compression. The moment resistance Mgy is evaluated with similar formulae
than (3-47) and (3-48) in which, obviously, only a limited number of bolt-rows are
taken into consideration. These bolts rows are such that :

Y F,=F

(=l,n
where : m is the number of the last bolt-row transferring a tensile force;

F, is the tensile force in bolt-row number £;

F_ rq is the design resistance of the beam flange and web in compression

The application of the here above-described principles to beam-to-column joints is
quite similar. The design resistance associated to each of the bolt-rows is possibly
limited in this specific situation not only by the resistance of :

e the end-plate in bending,

e the bolts in tension,

e the beam web in tension,
but also by that of :

e the column web in tension,

e the column flange in bending.

The design moment resistance Mg, is, as for the beam splices, likely td be limited by
the resistance of :

e the column web in compression;

but also by that of :
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e the column web panel in shear.

In Eurocode 3 Annex J, evaluation formulae are provided for each of these components.
Annex J also presents a full example showing how to distribute the internal forces in a
beam-to-column joint with a "multi-bolt-rows" end-plate connection.

This example also highlights the concept of individual and group yield mechanisms.
When adjacent bolt-rows are subjected to tension forces, various yield mechanisms are
likely to form in the connected plates (end-plate or column flange).

e individual mechanisms (see Figure 3-71.a) which develop when the distance between
the bolt-rows are sufficiently large;

e group mechanisms (see Figure 3-71.b) including more than one adjacent bolt rows.

To these mechanisms are associated equivalent lengths (see Figure 3-71) and, through
specific formulae, design resistances (see Appendix 3 of the present thesis).

When distributing the internal forces, Eurocode 3 recommends never to transfer in a bolt-
IOW :

e a higher load than that which can be carried out if it is assumed that the considered
bolt-row is the only one able to transfer tensile forces (individual resistance);

e a load such that the resistance of the whole group to which the bolt-row belongs is
exceeded.
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(a) Individual (b) Group mechanism

Figure 3-71 Plastic mechanisms
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Validation through comparisons with test results

This section presents comparisons between the stiffness and resistance models of
Eurocode 3 and test results. The test data are taken from the databank SERICON [S2].
The comparisons, which are extracted from a common publication with K.Weynand
(RWTH Aachen) and M. Steenhuis (TNO Delft) [W1], are made on full non-linear
moment-rotation curves so as to show the general accuracy of the model as a whole.

For the determination of the joint properties, i.e. initial stiffness and resistance, measured
material and geometrical data obtained from tests are used. The value of the moment
resistance Mgy is calculated with safety factors y=1,0. The moment resistance is
determined according to the most accurate model of Annex J, e.g. the alternative method
to determine the resistance of the T-stub is used for joints with bolted connections. Both
the rotational stiffness and the moment resistance are calculated by taking into account
the actual forces in the shear panel of the column web through exact values of the -
coefficient.
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(b) Innsbruck, single-sided, welded joints
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Figure 3-72 Comparison with test results
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It can be seen from Figure 3-72 that the prediction of the joint stiffness and resistance is
in good agreement with the actual behaviour. The differences in the resistance are due to
strain hardening and membrane effects which are not taken into account in the design
rules of Annex J. This point is discussed in Appendix 2. In the stiffness model, it is
assumed that a joint remains elastic up to a level of 2/3 of Mg, This assumption is
confirmed by the curves.

3.2.3.3 Joint under bending, shear and axial compressive or
tensile forces

Introduction

In most of the cases, beam-to-column joints and beam splices are also subjected to axial
compressive or tensile forces in addition to in-plane bending moments and shear forces.

These forces affect the joint response in terms of stiffness, resistance and rotation
capacity. They can therefore not to be disregarded.

In revised Annex J of Eurocode 3, this reality has been recognized and a range of validity
has been defined where it is assumed that the axial forces are not influencing significantly
the joint response and where it is therefore recommended to evaluate the joint properties
under bending moments and shear forces only. The related criterion writes :

N

<01 (3-49)
p.b i
where : N is the axial force in the beam;
Npp is the design resistance of the beam in compression.

It has to be immediately said that no background exists to justify this so-called "10 %
rule" and that it has been included in Annex J despite the opinion of the three authors of
the document - and we were amongst them - who, convinced of the necessity to specify
the field of application of the Eurocode 3 stiffness and resistance evaluation procedures
for joints, were suggesting a "5 % rule", so following the French Recommendations [ ].

The criterion (3-49) is not often restrictive as long as beam-to-column joints and beam
splices are concerned. It however becomes quickly limitative if the latter - then
respectively called knee and ridge joints - belong to pitched-roof portal frames where the
inclination of the rafters induce significant axial forces in the joints.

For column splices and column bases, the axial compressive force in the column element

is predominant; these joints fall outside the range of application defined by Formula
(3-49).
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For joints which would not fulfil the "10 % rule", Eurocode 3 gives no recommendations.
In fact, the designer may still refer to the component method to evaluate the joint
properties - the individual response of the basic components being not dependent on the
external loading of the joint, except for what regards interactions - but has to determine
by himself the procedure to assemble the components together in an appropriate way. In
other words, the responsibility of the joint design is in the hands of the designer.

This does not result from a wish, but clearly from a lack of information on how to
introduce the influence of axial forces in the available design procedures for joints.

In order to deepen the knowledge in this field, we have carried out research works that we
reflect in the fcllowing sections.

Similarities and specificities comparatively to joints under bending and shear

As already said, the component properties remain unchanged whatever the external
loading applied to the joint. On the other hand, the definition of the activated components
and the assembly procedures raise specific problems. Let us first comment on these
similarities and specificities, sometimes by referring to particular cases, for clarity.

Similarities

e As for any other joint, the distribution of internal forces has to be such that the four
basic conditions listed in Section 3.2.3.1 are fulfilled; these are briefly recalled here :

equilibrium between internal and external forces;

compatibility of the internal displacements;

limitation of the internal forces to their design values;

limitation of the deformation of the components to its maximum value.

Safe estimations of the resistance properties may be obtained by fulfilling the first,

third and four conditions and disregarding the second one. A so-called static approach
is then followed.

e The procedures for component characterization remain unchanged and no other

interactions between components than those discussed in Section 3.2.2 have to be
contemplated.

Specificities

e The joint drawn in Figure 3-73.a is subjected to bending moments and axial forces.
Two possible distributions of internal forces in the joint are reported in Figure 3-73.b
and in Figure 3-73.c. They correspond to two different ratios between M and N.

For a rather high value of M/N, compressive forces are carried over in the vicinity of
the lower beam of flange and tensile forces are transferred in the bolt-rows in tension.
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For decreasing values of M/N, the axial force slowly predominates and the upper part
of the connection tends to transfer compressive forces as illustrated in 3.73.c; the bolt-
rows are no more activated in tension and the same applies to the end-plate in bending,
the beam web in tension, the column flange in bending and the column web in tension.

(a) Joint in bending and compression

-
|
-
—- N
D
o M

(b) High M/N ratio

(c) Low M/N ratio

Figure 3-73 Activation of the components according to the external joint loading
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In contrast to what happens for joints in bending, the activation of the components is
seen here to depend on the joint loading and the definition of the activated components
in advance of the calculation may therefore not be contemplated.

e In the two identical sub-structures illustrated in Figure 3-74 where the beam is
respectively subjected to bending and bending and axial compression, the shear forces
in the column web panels are equal. The tensile and compressive load-introduction
forces in the panel are identical in the first sub-structure while they differ in the second
one. The level of interaction between load-introduction forces and shear forces differs
therefore, in the second sub-structure, in the tensile and compressive zones, what does
not occur in joints subjected to bending only. This specific aspect has also to be
carefully taken into consideration.
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(a) Joint in bending (b) Joint in bending and axial compression

Figure 3-74 Particular sub-structures with different load-introduction forces
and identical shear forces in the column web panel

Recent works on joint assembly

Different research works aimed at deriving a procedure for distribution of internal forces
in joints subjected to combined bending and axial forces have been carried out in the last

years. In the next sections, we reflect these ones in a chronological order before reporting
~ on our recent developments.
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To introduce these three contributions, let us consider, for clarity, the particular case of a
major axis single-sided beam-to-column joint with an end-plate connection (Figure 3-75).

\r
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x

Figure 3-75 End-plated joint

Contribution of Hoffmann [HI1]

The objective of Hoffmann is to derive a hand calculation procedure for the evaluation of
the design resistance of joints subjected to bending and compression (or tension). The
determination of the stiffness joint properties is not contemplated.

To achieve this goal, Hoffmann develops an approach, the steps of which are described
hereunder.

Step 1 :

All the possibly activated components in the joint are first identified and their
design resistance is assessed according Eurocode 3 Annex J. The way the
internal forces distribute within the joint being unknown, two resistances have in
fact to be considered for each component.

To clarify this point, let us consider the diagrams presented in Figure 3-76, and
more particularly the extended part of the plate. When M is predominant, the
extended part of the plate is subjected to transverse bolt forces and a risk of
yielding in the plate has to be contemplated. On the other hand, when N is
predominant, the extended part of the plate is in a compression zone and do not
contribute to the transfer of forces between the connected members. A "zero"
resistance is then associated to this non-activated component. A similar
conclusion may be drawn for the column flange in bending. For the column web
panel in shear, two "non-zero" design resistances have to be evaluated according
to the sense in which shear is applied. The beam flange in compression is only
activated when located in the compression zone, as seen in Figure 3-76.a and b.

Finally, the column web in compression is activated only there where a
transverse compressive force is applied by a beam flange. When the beam flange
is in the tensile zone, a "zero" resistance is given to the component, and another
component called "beam web in tension" is activated.
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(a) M predominant
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(b) N predominant

Figure 3-76 Design resistances of the constitutive components

Step 2 : Unknown forces are applied to all the components.

Step 3 . The equilibrium between the applied forces and the unknown internal forces is
expressed through appropriate equations.

Step 4 : By a sort of trials and error process, sets of internal forces are selected.

These sets have ;

e to fulfil the equilibrium equations;

e not to exceed the design resistance of the individual components;

to form a logical pattern, e.g. to activate a column web in compression
between two bolt-rows in tension is unacceptable.
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The procedure applies as follows :
e avalue of the applied external axial force is chosen;

e sets of internal forces equilibrating these axial forces are selected on the
basis of the here above-mentioned criteria; plastic distributions of
internal forces are considered as quite acceptable;

e the bending moment associated to these sets of internal forces is
evaluated;

e the set of forces leading to the maximum moment resistance is selected;
it is considered as the design moment resistance of the joint under
combined loading.

Step 5 : The sufficient deformation capacity of the components, the design resistance of
which has been reached, is checked in accordance with the rules of Eurocode 3
revised Annex J.

If one of these components does not satisfy the criteria on deformation capacity,
the design resistance of the joint in terms of bending moment and axial force is
considered to be equal to 2/3 of the first calculated value obtained in step 4.

This procedure is nothing else than an application of the static approach where internal
forces are selected so as to fulfil equilibrium equations and not to exceed the resistance of
the components. The safe character of the process has been pointed out, what justifies the
wish to maximize the solution in terms of joint design resistance.

The sufficient deformation capacity of the yielded components has obviously to be
ensured, but the sequence in which the components yield is unknown, what obliged
Hoffmann to limit the design resistance of the joint to its maximum elastic value as soon
as a component is seen not to possess sufficient deformation capacity. Such a safe
approach may be obviously considered as rather uneconomical in cases where the non-

ductile component is the last one to yield and is therefore not limiting the design
resistance of the joint.

In conclusion, the study of Hoffmann shows that a solution satisfying all the basic
requirements for joint design may be obtained through a static approach. The procedure is

long and tedious to apply by hand and is therefore clearly not suitable for practical
applications.
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Contribution of Steenhuis [S5]

The approach followed by Steenhuis is quite similar than that suggested by Hoffmann.
His work goes however beyond what has been described in the previous paragraphs, in
the sense than he proposes a more consistent way to solve the problem and maximize the
solution through the use of linear programming.

As a matter of fact, Steenhuis identifies similarities between the problem of plastic
distribution of internal forces in the joints and the analysis of a frame by means of a first-
order rigid-plastic theory where the objective is to maximize the external load acting on
the frame with the following constraints :

e the internal forces in the frame have to be in equilibrium with the external
ones;

e the internal forces should not exceed the plastic capacity of the members.

The similarities between the two problems being obvious, Steenhuis therefore suggests to
use for joints the same tools than those traditionally used for frames and, in particular,
linear programming.

The use of a computer has obviously to be contemplated, what has been clearly
understood by Steenhuis who introduced this procedure in the CASTA connections
software developed in the Netherlands.

In this approach, it is implicitly assumed that the deformation capacity of all the
constitutive components is unlimited as full plastic redistribution of internal forces in the

joints is allowed. No guideline is given in [S5] on how to proceed when this basic
criterion is not fulfilled.

Contribution of Finet [F2] and the author

On the basis of the work performed by Hoffmann and Steenhuis, we arrived to the
conclusion that it was quite premature nowadays to investigate further the possibility to
derive a hand calculation procedure to derive the resistance properties of joints in
bending and compression or tension. We therefore decided to revise our initial work
planning by trying first to develop a software approach in which :

e the component method would be referred to;
e the response of the joint would be followed from the first loading steps to failure;

e the aspects of stiffness, resistance and deformation capacity of the components would
be all taken into consideration.

In a second step, this tool, aimed at reflecting as closely as possible the actual response of
the joint throughout its loading, could then be used in the frame of parametrical studies to
better understand how the joints behave, and could constitute a sort of reference when
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validating, in the final steps, simplified hand calculation procedures that would be based
on the knowledge acquired in the previous research steps. In the following pages, we will
report on the first step of this work planning.

The work started in 1994 in the frame of the diploma work of Finet. We suggested him to
develop a so-called mechanical model, similar to those presented in Chapter 2 (Section
2.1), in which (see Figure 3-77) :

the response of each component would be simulated by an extensional spring (Figure
3-71.b);

e the non-linear behaviour law of each component would be that predicted by Eurocode
3 revised Annex J;

e the two possible senses of application of the loading would be considered (Figure 3-
77.c);

e the four basic requirements expressed in Section 3.2.3.1. and that any distribution of
internal forces should fulfil would be satisfied.

\r

(a) Joint detailing

(b) Mechanical model
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Compression

o

Tension

(c) Behaviour law for components (particular case of the column web in compression)
Figure 3-77 Development of a mechanical model
The selected model is shown in Figure 3-77.b; it exhibits the following main behavioural
features :

e At the level of the bolt-rows (levels 1, 2 and 3 in Figure 3-77.b), tensile forces are
likely to be transferred by four or five springs in series corresponding respectively to :

e the beam web in tension;

e the beam flange in bending;

e the bolts in tension;

e the end-plate in bending;

* the beam web in tension (except in the extended part of the plate);
All these components exhibit a zero stiffness in compression.

At the level of the beam flanges (levels 4 and 5 in Figure 3-77.b), compression is
transferred through two springs, those of the beam flange in compression and column

web in compression respectively. They also carry no forces when located in a tensile
zone.

e Components like beam web in tension or column flange in compression do not
contribute, as already said, to the joint flexibility and are therefore characterized by an
infinite stiffness in tension and compression respectively. However they are likely to
limit the moment resistance.

® The beam end-section is assumed to be infinitely rigid under transverse in-plane

bending; the way how the compatibility of the displacements is expressed is based on
this assumption.
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e The shear deformability of the column web panel is covered by the spring denoted 6 in
Figure 3-77.b. The level arm z of the internal forces in the connection is derived from
the study of the "connection" part of the model , similarly to what has been said in
Section 3.2.3.2. (stiffness assembly), and used further when characterizing the
response of the column web panel in shear.

The deformability curves (M-¢;, N-¢;, ...) characterizing the response of the whole
system are built progressively by applying successive increments of loads and evaluating
then the resulting deformability of the system and its constitutive components.

As the components exhibit a non-linear behaviour, the solution may only be found
through an iterative procedure. At each iteration, the tangential stiffness of each
component is evaluated so as to reflect the actual contribution of the latter to the stiffness
of the whole system.

A similar approach is used in Section 3.4 for column bases and detailed information is
given there on how to establish the system of equations characterizing the model and how

to solve it in an appropriate way. The interested reader is therefore begged to refer to this
section for more details.

The first steps in the software developments have been performed by Finet in [F2]; at the
end of his diploma work, most of the components included in the revised Annex J of
Eurocode 3 were available and the software was running for joints with end-plated joints
where only a single bolt-row was activated in tension close to the beam flanges.

Recently we extended the scope of the software to connections with more than one bolt-
row and solved the rather difficult problem which consisted in controlling the possible
apparition of group yield line mechanisms in the column flange in bending, the end-plate
in bending, the beam web in tension and the column web in tension. The complexity of
the problem is linked to the apparent incompatibility of group yield mechanisms and the
use of individual rows of springs (as the 1, 2 and 3 ones in Figure 3-77.b) in which the

forces evolves independently (the only link is achieved through the criterion of
displacement compatibility).

As these developments have been carried out in the frame of a bilateral collaboration
with the COMMERCIAL INTERTECH-ASTRON company, all the details that the
reader would require to make his own opinion on the pertinence of the works we carried
out are not reported in this thesis but will in fact constitute the background for
forthcoming publications in international journals or conferences.
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Application of the software and conclusions

The procedure to compute the deformability curve of the joints allows to control the
displacement and the level of plasticity in each of the components at any loading step.
The progressive redistribution of internal forces between the components may be
observed and the deformation capacity of the components may be checked.

The maximum resistance of the joints may be reached by full plastic redistribution of
internal forces or by excess of deformation in one or more of the constitutive components
in which an instability or brittle failure is expected to occur.

This makes of the software a rather good tool for further investigations in the field of
structural joints, for instance, through parametrical studies aimed at pointing out the
influence of specific parameters.

As already said, the software may also be used as a reference when deriving simplified
calculation procedures more in line with designer’s expectations.

This work is presently in progress and should also be reflected in forthcoming
publications.

In this section, we will illustrate its use through two applications on beam-to-column
double-sided joint configurations, with a flush and an extended end-plate respectively.
The results are presented in Figure 3-78.a and 78.b in the form of M,,— N,, diagrams

where M, — N, are the design resistances of the joints subjected simultaneously to

moments and axial forces. The positive sign of the applied forces is indicated in the
sketches illustrating the joint configuration. The failure mode are indicated on the
diagrams. They allow to understand why the axial force is sometimes increasing and
sometimes decreasing the design resistance of the joint in bending only. The symmetry
and dissymmetry of the diagrams reflect those of the joints themselves.

From these diagrams, it appears also clearly that the Eurocode 3 Annex J criterion (3-49)
which specifies the range of validity of the assembly procedures for joints in bending
only is far from being satisfactory. For an axial force N/ N,, in the beam equal to 0,1,

ie. 115 kN, substantial decreases of design moment capacity of the joints may be
observed, sometimes whatever is the sense of the axial force in the beam.
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Figure 3-78 M-N interactions in end-plated joints
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3.3 Minor axis beam-to-column joints
3.3.3 Introduction

Figure 3-79 shows some common types of beam-to-column minor-axis joints where the
beam is directly connected to the column web without any stiffening. The connection
may be welded or bolted by means of web cleats, flange cleats, flush end-plates or
extended end-plates.

Revised Annex J of Eurocode 3 provides design rules for the evaluation of the resistance
of most of the possible constitutive components (end-plates, cleats, bolts) but does not
cover the main component, the column web under transverse forces, which contributes
quite significantly to the overall joint deformability and where yielding occurs first in
most of the cases.

The minor axis joints have been much less studies in the past than major axis ones. Their
rotational behaviour is traditionally idealized as pinned; no bending moment is so
transferred to the column, what is usually considered as quite beneficial as far as column
flexural buckling is concerned.

In reality, minor axis joints exhibit a significant semi-rigid behaviour, what is likely to
lead to a better balance between the end and mid-span moments in the secondary beams
and to bring some restraint at the column ends; the effect of the end moments on the
column stability being more than compensated by the decrease of the buckling length, as
highlighted by different authors [J1], the use of semi-rigid minor axis joints is therefore
likely to increase, but never to decrease, the carrying capacity of the columns.

Experimental studies have been carried out in Li¢ge these last years so as to investigate
the rotational response of welded and bolted minor axis joints with flush end-plates,
flange cleats and web cleats.

The two first experimental studies were funded by the research centre CRIF in Ligge, and
the last one by the Walloon Region of Belgium in the frame of the COST C1 European
Project. More details about the tests may be found in [J3], [G4] and [C6].

Besides experimentation, theoretical and numerical investigations aimed at developing
analytical expressions for the prediction of the main web properties started in Liege in the
frame of the preparation of Ph.D. thesis of F. Gomes who stayed for some years at the
Department MSM. Gomes focused more in his works on the resistance evaluation than
on the stiffness prediction. Some publications that we co-signed with Gomes resulted
from this work. The Ph.D. thesis of Gomes being not yet presented [G3], we will briefly
summarized this work in the next sections without presenting all the details and

comparisons with tests that the interested reader should find in the forthcoming Gomes
thesis.

More recently, a colleague of Gomes, L. Neves proposed a stiffness model for web panels
in minor axis joints [N2, N3]. During a three-months stay in Liege, Neves had the
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opportunity to validate its model with the new available COST C1 tests as well as
numerical simulations carried out in Liege with the finite element program FINELG [C6].

Let us now come back to the resistance model. The pseudo-plastic resistance of the web
results from its yielding and from the progressive apparition of plastic yield line
mechanisms; it can be emphasized that the same kind of mechanisms can be observed in
the case of connections between a I beam and a rectangular hollow section (RHS) column
(Figure 3-80). These failure mechanisms are divided into two main groups: local and
global mechanisms. A local mechanism means that the yield line pattern is localized only
in the compressive zone or in the tensile zone of the joint, Figure 3-81, while in the

global failure the yield line pattern involves both compressive and tensile zones, Figure
3-82.

The moment carried out by the beam to the column web may be resolved in a couple of

forces F acting in the compressive and tensile zones. Two different loading cases are
analysed:

e Loading case 1: the load F acts on a rigid rectangle with the dimensions & X ¢, Figure
3-83, as in the case of a welded connection where these dimensions are defined by the
perimeter of the welds around the beam flange;

e Loading case 2: the load F is transferred by one or more rows of bolts, as in the
tensile zone of bolted connections, see Figure 3-84 and 3-86.

A f, ],
¥ 4 14 : }
55 T
ZFI
DD l l
| I
@ @ @ @ I 1
© =
RHS column
‘V ‘V AV
a) extended b) flush c) flange cleats d) web cleats " :" -
end plate end plate g
Figure 3-79 Beam-to-I section column Figure 3-80 Beam-to-RHS

minor axis joints column joint
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Figure 3-81 Local mechanism Figure 3-82 Global mechanism

3.3.4 Local failure
3.3.4.3 Flexural mechanisms

Basic failure mechanisms are obtained by the Johansen yield line method, using log-
spiral fans in order to optimize the yield line pattern. The plastic moment per unit length
of yield line is given by :

MpLra = O’ZStify /Y wo

(f y =yield stress; !, = thickness of the column web).

Figure 3-83 Yield line pattern (Local mechanism)

- In the flexural mechanisms, it is assumed till now that the plastic moment is not reduced
by the presence of shear forces perpendicular to the plane of the web; this reduction is
taken into account in Section 3.3.2.3. The plastic failure load associated to the optimized
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mechanism given in Figure 3-83 - for F acting on a rectangle & X¢ (loading case 1) - is
given by :

Fp,=41th,Rd 1+ic0t6+c0t29+ 2c (3-50)
’ T (L-b)

T
—cot

where 0 is the solution of the equation =2¢? ’ and L=d -15r.

For practical design purposes it is desirable to make use of a simplified formula, explicit
in F, , which may be given by the approximate solution :

4mtm 2
F, =5 - ( /1—%+;"L—) (3-51)
L

For the loading case 2 (e.g. Figure 3-84), the mean diameter of the bolt head, Figure 3-
85, is defined as :

J = d]+d2
" 2 (3-52)

The yield line mechanism of Figure 3-84 leads to the plastic load :

4mtm
F, =-—$ﬂ(1+icote+cot2 ej (3-53)
T
1m
L-b,
. - Zeotd
where: @ =4, ¢ ‘

b=b +d (1-6"2“‘9)

and 8 is the solution of the equation :

b Zeorg
z—:l';l = 2e? coth
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Figure 3-84 Failure mechanism for a bolted connection

Figure 3-85 Bolt head (or nut)

3.95.
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Figure 3-86 Bolted connection

Instead of this complex system of equations, the simplified Formula (3-51) may also be
used for the evaluation of the failure load in the tensile zone, Figure 3-86, if this zone is
replaced by an equivalent rectangle with the dimensions:

b=b,+0,9d_
c=¢,+0,9d_ (3-54)

The same Formula (3-51) may therefore be used for the two loading cases.

3.3.4.4 Punching shear mechanisms

For the loading case 1 the punching perimeter is a rectangle with the dimensions # X ¢,
The punching load is then given by :

F‘punch = 2(b +c)vpl,Rd where vpl,Rd = twfy /'\/g'YMO (3_55)

For the loading case 2 the punching of the column web around each bolt head must be
checked. If there are 7 bolts in the tensile zone, the punching load is given by :

F;zunch = nndm vpl,Rd (3"56)

3.3.4.5 Combined flexural and punching shear mechanisms

A combined flexural and punching shear mechanism presents not only flexural yield lines
(thick lines in Figure 3-87) but also punching shear yield lines (dotted lines in Figure 3-
87). Packer et al [P1] proposed similar combined failure modes using straight lines or
circular fans, instead of the optimized mechanism of Figure 3-87 that uses log-spiral fans.
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Figure 3-87 Combined flexural and punching shear failure
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Figure 3-88 Interaction between m (moment) and v (shear force)
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The present solution also takes into account that the plastic moment per unit length of
yield line is reduced by the presence of shear when V (the shear force per unit length)
exceeds 50% of v, ., according to the interaction diagram of Figure 3-88. This provides a

refinement of the previous solution proposed in [G2]. Despite this refinement, the
expression for the plastic load is presented in a simpler form (avoiding the iterative
procedure of the previous solution):

2 2
Fo=4m ., T/ L(a+x)+ c+ L5cx+x (3-57)
r a+x V3t (a+x)
where: @ = L—b
x=0 if b< b,

x=—a+Ja2—1,5ac+£2tm[7r‘/L(a+xo)+4c] ifbzb,

2

1
(1)3+o,235(1)3 2,
L \z) \z-s,

_ . - -
b,=L|1-0,82% |1+ [1+2,8—
c t L

and L but by 2 0,

=9

&
I
~

Equation (3-57) provides an additional advantage with respect to the previous solution
[G2]: it may be applied in the full range 0 <5< L; in [G2], the application of the formula
was limited to & < 0.8L

For the loading case 2 (bolted connections) the equivalent rectangle, defined by equation
(3-54), may be used.

3.3.4.6 Correction to take into account the difference between
Johansen and Von Mises yield criteria

ik

Mpl,Rd &
Johansen Von Mises

_ M

© Mpl,Rd

Figure 3-89 Yield criteria for plates (m;, m; - principal moments)



Chapter 3 - New contributions to the component method 3.99.

The plastic failure loads obtained by the yield line method differ from the exact solutions

based on the Von Mises yield criterion. It was shown [G5] that if B+c)L20,5 .the
optimized yield line mechanisms provide an accurate solution. However, if

(b+clL <o, 5, the yield line method overestimates the plastic load. The influence of the
yield criteria on the plastic load was evaluated by numerical simulations performed with
the finite element program FINELG that uses the Von Mises yield criterion, instead of the
square yield criterion (Figure 3-89) used in the Johansen yield line method.

Final expressions for flexural mechanism as well as for combined mechanism should
then include a correction factor k that multiplies Eq. (3-51) or Eq.(3-57) in order to obtain
an accurate plastic load. The correction factor k may be evaluated as [G5]:

L {1 if (b+c)/L>0,5
= 10,7+0,6(b+c)/L  if (b+c)/L< 0,5 (3-58)
3.3.4.7 Comparison between the three modes of local failure

It is obvious that equations (3-57) and (3-51) are identical when x = 0 (no punching),
what means that the combined mechanism is transformed into the pure flexural
mechanism. This occurs when b<b, , where b, is the particular value of b that

determines the boundary between the two mechanisms. When b > b,,, equation (3-57)

gives a plastic load always smaller than equation (3-51), which means that equation
(3-51) is useless.

The local failure mechanism is the mechanism associated to the lowest plastic load which
is then given by :

F,=min(F, :kF))

local

: (3-59)
The three modes of local failure are compared in Figure 3-90 for a bolted connection with
two bolts in the tensile zone, like that of Figure 3-84. The bolted diameter is fixed to

d, =0,1L , and from equation (3-54) the equivalent rectangle is defined by

b=b,+0,09L ;4 c=0,09L Figure 3-90 shows the variation of the failure load (thick
line) as a function of b, representing the three modes of failure.
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Figure 3-90 Comparison between the three modes of local failure

3.3.5 Global failure

The global failure load, for flexural mechanisms or for combined flexural and punching
mechanisms, may be evaluated as :

kF,

2b
Fopar = % + 1My R (7 T+ 2pj (3-60)

where £ and k are given by equations (3-57) and (3-58), & is the distance between

centres of compressive and tensile zones, and P is given by :

( . h
=1 0, 1€=——=x%1
p if T3
h h
= — f 1< <10
PETy W lspopsl0
h
Outside the range L-b equation (3-60) is no more valid. However it

underestimates the plastic load if the following values of P are assumed:

p=1 for < 0,7

L—-b

p=10 for > 10

L=b

Global failure mechanisms involve both compressive and tensile zones (Figure 3-82).
These mechanisms are assumed to be symmetrical with respect to a horizontal and to a
vertical axis in the plane of the column web. The horizontal symmetry is not an exact
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assumption when the dimensions & X ¢ of the compressive zone are different from those
of the tensile zone, e.g. Figure 3-86. In this case equation (3-60) should be applied
separately for each zone, leading to two different loads, and the failure load will be an
intermediate value. However the two zones are often assumed to be equal and then
equation (3-60) will be applied only once.

3.3.6 Design resistance

The design resistance of the web in transverse compression or tension is finally defined
as:

F,, = min(F,

ocal?

Fyut) (3-61)
3.3.7 Conclusions

The evaluation of the moment capacity of minor-axis joints is a complex task due to the
large number of failure modes of the column web. The proposed method, however,
predicts these failure modes with simple expressions, easy to use by designers.
Comparisons of theoretical predictions with 12 experimental tests [G5] and with a large
number of numerical simulations [N3] confirm the accuracy of the analytical method.
Details on the background of this method may be found in [G3].
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3.4 Column bases
3.4.1 Introduction

Column bases constitute the link between frame and foundation and so represent quite
important structural elements. Those considered in this Section are constituted of concrete
blocks embedded in the foundation on which the column steel profile is connected by
means of a base plate welded at the column end and maintained on the concrete block by
two or four anchor bolts.

In this Section, only the rotational behaviour of the column-to-concrete major axis
connections under uniaxial bending is investigated. The study of the concrete-to-soil
connection requires the collaboration of experts in structures and geotechnics and is now
the object of researchers performed in the frame of the new European Project COST C6.

The Section reflects the common activities of the Department MSM of the University of
Liege and the Steel Department of CRIF during these last years in the field of column
bases and more especially the collaboration between S. Guisse and J.P. Jaspart (University
of Liege) and D.Vandegans (CRIF) which recently opened on a CRIF report [G6] ; it
includes three main parts :

e The results of 12 experimental tests on column bases with two and four anchor bolts
and the discussion of their main behavioural features.

e The proposal of a simple analytical model for resistance evaluation.

e The development of a rather sophisticated mechanical model allowing to follow step by
step the loading of the column bases until collapse is reached through a detailed study
of the evolution of the displacements and stresses in the different components.

The validity of the proposed models is then shown through comparisons with the
experimental results.

Both models refer to the so-called component method. For column bases however,
specific components are activated, such as "anchor bolts in tension" or "concrete in
compression”, and the loading is different from that presently covered by Eurocodes 3 and
4 as high axial forces have to be transferred to the foundation in addition to bending
moments and shear forces.

These aspects are discussed and original solutions are proposed.
3.4.2 Experimental tests
3.4.2.1 Test set-up and general configuration of the specimens

Twelve experimental tests on column bases have been recently carried out in Liége. The
general configuration shown in Figure 3-91 is identical for all the tests. For technical
reasons the tests were carried out with a compressive force F; in the column acting
horizontally whereas the force F> generating bending moment was acting vertically.
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Concrete block
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Steel profile

Ground slab HEB160 (Fe 510)

Figure 3-91 Test set-up

The compressive force F; is applied by means of two jacks acting on the rear face of the
concrete block. Thanks to the extremely thick stiffening plate (10 centimetres), the
distribution of the stresses inside the concrete block may be considered to be the same as
it would be if the block was placed directly on the ground.

Similar concrete blocks are used for all the tests : 1200 mm high for a 600 x 600 mm
square base. All the blocks were concreted at the same time in order to ensure that their
mechanical behaviour is as homogeneous as possible.

To prevent any movement of the block, a efficient support against the moment created by
force F; was formed by two large thick steel plates placed on each side of the column
profile (see Figure 3-91). In order to be able to resist applied stresses, the concrete block
has been slightly reinforced. The reinforcements, however, are placed so as not to prevent
the possible formation of cracks under the action of the compressive force, as it could
happen in practical situations.

A thin layer of grout has been placed between the base-plate and the concrete block so as
to ensure a good contact. Two types of test configurations were envisaged, with four
(Figure 3-92) or two (Figure 3-93) anchor bolts. In the first case, the column base is
nearly rigid, while in the second it is usually considered as pinned.
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Figure 3-92 Plate with four anchor bolts
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Figure 3-93 Plate with two anchor bolts

Only one steel column profile was considered in the test series : HE160B. Its steel grade is

S355.

The base-plates are welded to the column; the throat radius is 6 mm. Two different
thicknesses are used for base-plates: 15 mm and 30 mm. The steel grade is also S235.

Anchor bolts M20 10.9 are used. They are made from steel rods curved as shown in Figure

3-94
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320
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Figure 3-94 Anchor bolts

The same loading history is applied to all the tests (Figure 3-95) : preliminary application
of the full compressive force on the column (F;), which remains then constant, followed
by a progressive application of the force F> until collapse.

Fql

Figure 3-95 Loading history

Table 3-5 gives the nomenclature of the tests and the value of the parameters which
differentiate the test specimens. The designations given to the tests consist of the initial
letters "PC", followed by three numbers: the first indicates the number of anchor bolts (2
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or 4), the second relates to the thickness of the plate (15 mm or 30 mm) while the last
gives the value of the axial load applied to the column, in kN. The initials PC mean « Pied
de Colonne », what means nothing else than « column bases » in French.

Name Anchor Bolts | Plate thickness | Normal force
- mm kN
PC2.15.100 2 15 100
PC2.15.600 2 15 600
PC2.15.1000 2 15 1000
PC2.30.100 2 30 100
PC2.30.600 2 30 600
PC2.30.1000 2 30 1000
PC4.15.100 4 15 100
PC4.15.400 4 15 400
PC4.15.1000 4 15 1000
PC4.30.100 4 30 100
PC4.30.400 4 30 400
PC4.30.1000 4 30 1000

Table 3-5 Nomenclature of the tests

All of the data relative to the dimensions, geometrical and mechanical characteristics of
the different components of the test specimens are outlined in the following section.

3.4.2.2 Measured geometrical and mechanical characteristics

One of the main components in column bases is, of course, the concrete. To determine its
mechanical properties, six tests on cubes were cast at the same time than the foundation
blocks. They were also tested few days after the column bases, i.e. about two months after
the concreting.

The results of the compression tests on the cubes are given in Table 3-6. All the cubes
were 158 x 158 x 158 mm ones (cross-section of 24964 mm?). The very low scatter of the
results and the high quality of the concrete have to be noted.
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Cube No. Ultimate load Strength Young's Modulus
kN MPa MPa
1 1135 44.6 34200
2 1150 45.19 35100
3 1185 46.57 36700
4 1120 44.01 33600
5 1150 45.19 34500
6 1175 46.17 35900
Mean value 45.29 35000

Table 3-6 Actual mechanical characteristics of the concrete

The nominal dimensions of the steel bases-plates are shown in Figure 3-92 and Figure 3-
93. For what regards their strength, tensile tests carried out in the laboratory revealed that
their yield stress amounts 280 MPa while their ultimate strength is about 412 MPa, both
for the 15 mm and the 30 mm plates.

The dimensions of the steel profile were measured on different specimens. As it has been
asked to the manufacturer, all the beams were from the same rolling pass, so exhibiting a
very low scatter for what regards geometrical and mechanical properties. For each test,
the following values were therefore adopted as mean actual dimensions:

e total depth of the section................................... 1647 mm
e width of the flanges ..............cccoiiiiii. 160.35 mm
e webthickness ... 8.3 mm
e thickness of the flanges ...........ccccooiiiiiiiiiinnn, 13.35 mm
e filletradins ... 15 mm

The mechanical characteristics were also measured in laboratory:
o VIl BIEESE sccissssninsssmnissonmmsmnnemmanssnennarsmmmnns 464 MPa
® UltIMALE SEIESS....eereuriiriieeiieeieeeieeeetre e e 580 MPa

High-strength steel was used for column profiles so as to prevent yielding of the column
cross-section as far as possible and so as to concentrate the deformability and the failure
mode in the column base. This was achieved, except in the last test, PC4.30.1000, where
high stresses were obtained in the column.



Chapter 3 - New contributions to the component method 3.108

From the measured characteristics of the steel profile, the following geometrical
quantities, which will be useful later, can be derived :

¢ Moment of inertia (Major axis)..................... 2801.9 cm®
e Area ettt nenananneenenn. 20,2 CID2
e Reduced area (shear force)................ccooooo. 11.4 cm?

The anchor bolts exhibit a quite special behaviour. In fact, although their base metal is of
very good quality (ultimate strength of about 1000 MPa but with good ductility), various
phenomena tend to reduce the strength which can be expected:

e the shaping, carried out in the laboratory, consisted in bending a rod at 180 degrees
(see Figure 3-94). To prevent microcracks from occurring in the curved zone, the
metal was heated considerably, thereby reducing the strength of the material.

e in the concrete, the anchor bolts are fixed to bars embedded in the block.
Unfortunately, for some tests, an initial unbending of the curved rod was observed
before the ultimate resistance of the rod in tension is reached.

Consequently, even if a tensile test on a straight anchor bolt yields a strength of 250 kN,
specific tests carried out on bolts fixed in the concrete block revealed a lower strength, i.e.
187 kN.

3.4.2.3 Instrumentation
Three types of measurement devices were used:
* the displacement transducers D; to Dy;

e the rotational transducers ROT; and ROT, (direct measurement of the absolute
rotations);

* the bolt strain gauges, placed in the anchor bolts, J; and J,.

Figure 3-96 and Figure 3-97 show the positions of the various transducers used for the
tests with four anchor bolts. A similar arrangement is used for configurations with two
anchor bolts. The only difference is the position of the D, and D, transducers, which are
located closer to the column flanges.

Transducers Ds and D; are just there to detect any overall rotation of the concrete block
under the action of force F». In fact, the supports used were so rigid that this movement
proved to be completely negligible.

Transducers D; to Ds give a rather good picture on how the base-plate deforms relatively
to the concrete block. Transducer D; is the most important one as it measures the
transverse displacement of the steel column in the direction of the force F..
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Figure 3-96 Instrumentation (front view) Figure 3-97 Instrumentation (side view)

Rotational transducers ROT; and ROT, (Figure 3-97) give a direct measurement of
absolute rotations along the column. These instruments are of great accuracy. They
represent an excellent mean to obtain reliable moment-rotation curves.

Finally, cylindrical gauges J; and J; are glued in a hole drilled in the centre of the two
anchor bolts where tension is likely to occur. They measure the strain at the centre of the
shank of the bolt, at a place where the stresses can be considered as uniform. In practice,
the top of the gange was placed at least two centimetres beneath the bottom face of the
nut.

3.4.2.4 Moment-rotation curves

Derivation of the curves

Introduction

Through the measurements outlined in the previous paragraphs, the moment-rotation
curve of the column bases may be derived. How to combined rough measurements carried
out during the tests to get moment and rotation at each loading step requires few
explanations. This is the subject of the following paragraphs.

Expression of the bending moment in the column base

Because of the considerable amount of deformability and the high magnitude of the
normal forces in the column, second order effects cannot be ignored. In fact, Figure 3-98
shows that the bending moment in the column base, although mainly due to the force F»,
is influenced by the compressive force F; in the column. The latter acts along a direction
represented by the dotted line in Figure 3-98; this direction changes during the test. It may
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therefore be resolved into two components: a horizontal and a vertical one. The first one
creates an additional moment due to its eccentricity (measured at the level of the base-
plate). The second component acts along the same direction than F, but tends to reduce
the bending moment.

0° 2200 mm

- 300mm . 1050mm
- .

2350 mm

Figure 3-98 Determination of the bending moment in a column base

The action line of the force F; has an inclination termed o.. The o value is:

o = to = 21 E0m) 3.62)
TR T -
The moment on the column base writes:
M=(F, - F.sina)l,05+ F,.cosax.(tga.1,3) 3-63)

In equation (3-63), F; and F; are expressed in meters, while the bending moment is in
kNm. By replacing o by its expression (3-62) and by considering that the angle « is rather
small, the following definition of M is obtained :

. Dl Dl . 173
M=(F, - Fl.smﬂ).l,OS-%— Fl.COSE.(DI. 2’2)
. D, . .
=(F, - F .?5).1,05 + F,.(=1).D,.0,591 (3-64)

=1,05.F, +0,114.F,.D,
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In this expression, the first term relates to the first order, whereas the second term
represents the additional moment produced by the second order effects. D, F and M
quantities in equation (3-64) are expressed respectively in m, kN and kNm.

Figure 3-99 shows the comparison between the first and second order curves M-Dj for
the test where the difference is the largest - test PC2.30.1000. For the tests with a small
compression load, the difference is usually rather limited.

M (kN.m)
80 7

70
60
50
40
30
20
101/

= 1st order

=+ 2nd order

l ! 1 I

0 20 40 60 80 100
Displacement D, {mm)

Figure 3-99 Comparison between the first and second order M-D1 curves
(test PC2.30.1000)

Evaluation of the relative rotation

The most reliable way to evaluate the rotation of the column base is to derive it from the
three measurements carried out on the steel profile, i.e. the two rotational transducers
ROT, and ROT, and the displacement transducer D,. It is obvious that, in addition to the
deformation of the column base, these measurements also include the elastic deformation
of the column in bending and shear (except for test PC4.30.1000 where the column stub
experiences severe yielding; this problem will be discussed later). Figure 3-100 illustrates
the deformation of the column stub subject to a transverse concentrated force P.
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Figure 3-100 Deformation of the steel column

The shear deformation of the column stub cannot be ignored because of its limited length
and the following expressions are therefore obtained:

M(x)=P.(L-x)

2

() = ——(L.x - (3-65)
El 2

V) = P (L.xz x3)+ P

V=E1 T ea

where P is the applied force (Figure 3-100)
L is the length of the element (Figure 3-100)
E  isthe Young's modulus
G is the Coulomb modulus (modulus of transverse elasticity)
I is the moment of inertia
A’ isthe Reduced area
v(x) 1is the deflection at one point

6(x) 1is the absolute rotation at one point

The positive sign of v(x) and 6(x) is indicated by the arrows in Figure 3-100.

On the basis of A’ and I characteristics obtained from the actual geometrical properties
measured in the laboratory, it is possible to calculate the deflection and the theoretical
rotation at any point of the column, and in particular, there where the rotational
transducers ROT; and ROT3, as well as the D; deflection transducer, are located (Figure
3-97):

v(x=0,9 m)=0,063.P mm (3-66)

B(x=0,9 m)=0,094.P mrad (3-67)
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B(x=0,15 m)=0,025.P mrad (3-68)

It should be remembered that equations (3-66) to (3-68) are only valid when the column is
totally elastic, what is true for all the tests (except for PC.4.30.100 where yielding occurs,
at a very advanced stage of loading).

The rotation ¢ of the column base can be now expressed. The rotational transducers
constitute the simplest method in the sense that they directly give the desired rotation,
provided that the deformation of the steel profile is subtracted. Two different estimations
of the same rotation ¢ may therefore be obtained as follows :

@, = ROT, —0,025.F, (en kN) (3-69)
@, = ROT, —0,094.F, (en kN) (3-70)

These expressions have been derived by substituting P by F, in Formulae (3-67) and (3-
68), so neglecting the second order effects. In fact, it has been demonstrated that these
effects alter in a non significant way the rotations ¢, and @, ; for sake of simplicity, it has
therefore been decided not to report the "exact" expression of ¢, and @, here.

A third estimation may also be calculated from transducer D

_ D, -0,063.F, (3-71)
%= 0010° )
Equations (3-69) to (3-72) have been compared for the twelve tests. The similarity is so
excellent that it is often impossible to distinguish between the three curves. Thus, in order
not to burden the present part of the thesis unnecessarily, only the curves which have been
calculated on the basis of equation (3-69) are included in the next sections.

Before discussing the test results, it is quite important to point out, again, that the M-¢
curves reported below include the deformation of the column base itself and the possible
plastic contribution to the rotational deformation of the column profile close to the base
plate.

Comparison of the curves

Figure 3-101 shows a comparison between the moment-rotation curves for the three tests
PC2.15. It has to be noted that the higher the force in the column, the higher the bending
moment resistance of the column base.

The initial stiffness of the curves is quite similar for the three tests, as far as the very first
loading steps are considered. In fact, the stiffness changes significantly as soon as a
separation is observed between the plate and the concrete in the tensile zone. Obviously,
the lower the initial compression force the more quickly this phenomenon occurs.
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M (kN.m)

= PC2.15.100
~-PC2.15.600
~PC2.15.1000

0 20 40 60 80
Rotation (mrad)

Figure 3-101 M-¢ curves for tests PC2.15

Figure 3-102 relates to tests PC2.30. Unlike the previous figure, it shows that the initial
stiffness of test PC2.30.100 is much lower than that of the other two tests PC2.30. This
might be explained as follows: when the blocks were concreted, the anchor bolts
embedded in the concrete were held by a plywood board located at the level of the top
face of the block and supported by the lateral shuttering. The fresh concrete just arrived at
the level of the lower surface of the boards and the concrete was less vibrated then
elsewhere, because of the limited accessibility. When it hardened, it proved to be of
inferior quality, containing numerous air bubbles. The introduction of a compression force
into the column had the effect of homogenizing the concrete located under the plate by
reducing its porosity. The higher the compression force, the lower default in the concrete,
and the steeper the moment-rotation curve. This could explain the significant difference
observed between the curves relating to test PC2.30.100 and the two other tests
PC2.30.600 and PC2.30.1000.

By examining Figure 3-101 and Figure 3-102, the particularly high value of the ultimate
strength of these column bases, traditionally considered as nominally pinned, can be noted.
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= PC2.30.600
il P02}30.1 000
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Rotation (mrad)

Figure 3-102 M-¢ curves for tests PC2.30

Figure 3-103 shows the three curves for tests PC4.15. Test PC4.15.400 is the only one
which has been subjected to an unloading/reloading cycle.

=~ PC4.15.100
= PC4.15.400
=~ PC4.15.1000

1 |

0 20 40 60 80
Rotation (mrad)

Figure 3-103 M- curves for tests PC4.15
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The very marked difference in strength between test PC.415.1000 and the other two tests
PC4.15 has to be pointed out. This is readily explained by the fact that the anchor bolts in
tension are activated much later when the compression force in the column is high.

Finally, Figure 3-104 shows the curves of to the four last tests, PC4.30. These are, a
priori, the most rigid and the strongest, what is confirmed by their moment-rotation
curves. Unlike the three previous figures it will be noted that test PC4.30.1000 does not
reveal a greater strength than test PC4.30.400. In fact, this is due to the yielding of the
end section of the steel profile HE160B, as explained later.

120 -
100 -
280"
< 60 -
= ~ PC4.30.100
40 = PC4.30.400
20 - ~ PC4.30.1000

1 | ]

0 20 40 60 80 100
Rotation (mrad)

Figure 3-104 M- curves for tests PC4.30

Main characteristic values of the curves

Some characteristic values can be derived from the curves shown in Figure 3-101 to
Figure 3-104. These will allow comparisons to be made with the theoretical models
described later. These quantities are:

e the initial stiffness (slope of the initial part of the curve);
e the ultimate strength: peak value of the M-¢ curve;
e the failure mode of the column base.

Table 3-7 presents the measured values of these quantities for each of the twelve
experimental tests. S, .. designates the initial stiffness and My, ., the ultimate strength.
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The value of the pseudo-plastic resistance is not given here because the shape of the
curves varies from one test to another. It is very difficult to measure it objectively.

Name S ini M gy e Collapse mode
kN.m/mrad kN.m -

PC2.15.100 0.9 40 Failure of anchor bolts

Pc215600 | 55 | 56 |Faileofanchorbols |

pc2isi000 [ 7 | 6 [crshingorteconcree

PC2.30.100 0.75 35 Failure of anchor bolts

pc230600 | 46 | 57 |Faiwreofanchorbons

pc2301000 | 52 | 75 |Fuilweofanchorbols

PC4.15.100 3.5 62 Yielding of the plate

pcatsa0 | 4 | 68 [Collapse of the plate and of anchor |
bolts

pcatsioo0 | 4 | 97 |Viedingoftheplae |

PC4.30.100 4.5 86 Tearing of the anchor bolts

Pcaz0400 | 1 | 117 |Tewingofheanchorbols

pca301000 | 8 | 110 [Yieding and local buckling of]
HEB160

Table 3-7 Characteristic quantities of the experimental tests

Analysis of Table 3-7 confirms the conclusions previously drawn: the most rigid and
resistant tests, for a given configuration, are those for which the compressive force in the
column is high. The only exception is test PC4.30.1000 for which considerable yielding of
the column cross-section is observed at failure.

Test PC2.30.100 differs from the other twelve tests by a particularly low stiffness and
strength. This point has been discussed here above.

3.4.3 ANALYTICAL MODEL

In this Section, an analytical model for the prediction of the ultimate and design resistance
of column bases with two or four anchor bolts is presented. It is partly based on the
revised Annex J [E2] and Annex L [E6] of Eurocode 3 for what regards the resistance of
the components. Despite its simplicity, this model is seen to be in a rather good agreement
with the available test results.
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The possibility to develop such a model for the evaluation of the initial stiffness is then
discussed.

3.4.3.1 Evaluation of the resistance
Introduction

In the following sections, the carrying capacity of the constitutive components is first
given. The assembly procedure is then discussed. Finally, comparisons with test results are
shown.

Carrving canacitv of the concrete block

In the case of axial compression

It is relatively simple to calculate the strength of the concrete block under axial
compression if the recommendations of Annex L of Eurocode 3 [E6] are followed.

The first step consists in calculating a "concentration ratio", kj, which is dependent on the
geometrical dimensions of the block (Figure 3-105) :

a
L b
!
___________ =
[
|
|
| ' 3
I al | a
o 4 I
| | |
|
|
aR hp - |
¥a)
|
1
a, J

By == (3-72)

where: h,  1s the length of the base plate;

b,  1is the width of the base plate;



Chapter 3 - New contributions to the component method 3.119
b,  isthe width of the base plate;
a; s the effective length of the concrete block;
b;  is the effective width of the concrete block.

The effective dimensions of the concrete block, aj and bj, are calculated using the
following equations:

a, =min(h, +2az;5h,;h, +hy,, 5b) 2 h, (3-73.2)
b, =min(b, +2by;5b,;b, +hy,,, ;5a,) 2 b, (3-73.b)
where: aand b, are given in Figure 3-105.
heiocr 18 the height of the concrete block.

The maximum stress that the concrete can resist, fj, is then evaluated by means of the
following equation :

f ‘ck
Y.

fi =Bk, (3-74)

where: fj= 2/3 (1)
fck  1s the characteristic strength of the concrete in compression
Y  1s the partial safety factor for the concrete.

Finally, to take into account the flexibility of the base plate, an equivalent rigid plate
(Figure 3-106) is defined, through parameter ¢ given by :

) .
EEE o (3-75)
Y3 Ji-Ymo

where: ¢,  is the thickness of the base plate;

f,, 18 the yield strength of the base plate;
Yo 18 the partial safety factor for steel.

Obviously, the dimensions of the equivalent rigid plate have not to exceed those of the
actual base plate.

1 To apply this value, two requirements on the grout layer (between the plate and the concrete) have to be
satisfied, what occurs in most of the usual cases.
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/— actual base plate

effectlve plate
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Figure 3-106 Dimensions of the equivalent rigid plate
Finally the maximum resistance of the concrete block under axial compression is
expressed :
=f;. Ay (3-76)
where  Agffis the effective area of the equivalent rigid plate defined in Figure 3-106.
In the case of non-axial compression

It is obvious that all the developments described in the foregoing paragraph may be used
to calculate the carrying capacity of the concrete block under non-axial compression; this
is done by considering the effective area defined in Figure 3-106 as being independent on
the eccentricity of the applied compressive force.

Strength of the anchor bolts in tension and the base plate in bending

The strength of the whole "plate and anchor bolts" assembly, as a whole, can be
determined on the basis of the recommendations given in the Annex J of Eurocode 3 [E2].
The calculation is based on the "equivalent T-stub" approach where the actual plate - here
the base plate - is replaced by symmetric T-stubs of effective length £, . The reader is

begged to refer to Appendix 3 for more details about the T-stub approach.

The design resistance F,,, of the equivalent stub is the smallest of the resistances
~ obtained by the three following equations :

Mode 1 : plastic yield mechanism in the base plate
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_ B.n—2.e,).0 5, .My py
Fira =

3-77
2.mn—e, (m+n) ( )

Mode 2 : mixed failure involving yield lines - but no mechanism - in the plate and
exhaustion of the strength of the anchor bolts

2.0 o2 Ml ra +n.2B,_Rd

E o= 3-78
Bl m+n ( )

Mode 3 : failure of the anchor bolts in tension
Ft,Rd = Z B, ra (3-79)
with : ey = dy/4 (dy is the diameter of the washer or the nut if there is no washer);

2.f
Mg = 71— (3-80.a)

4.Y w0

where: 1, ,, 1S the plastic moment of the base plate per unit length;
t, is the thickness of the base plate;
o is the yield strength of the base plate;
Y a0 is the partial safety factor;

 zand ., are effective lengths (see below);

A
B,y =085 Ju (3-80.b)

mb

where: B,p, is the design resistance of an anchor bolt in tension;
A, is the stress area of the anchor bolts in tension;
fub is the ultimate strength of the anchor bolts;
Y.s: 1S the partial safety factor for the anchor bolts;
n=ex<125m

m and e are defined in Figure 3-107.

2 B, z,is the sum of the design resistances in tension of all the anchor bolts belonging to
the T-stub being considered.
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T il

e m m e

1 L

Figure 3-107 Geometrical characteristics of an equivalent welded T-stub

Two effective lengths £, and ¢ , are defined for each equivalent T-stub. The first

one applies for Mode 1 failure; the second for Mode 2 failure. In fact, according to
Eurocode 3, two types of plastic yield mechanisms may occur in plated components, like
base plates, subject to transverse forces : circular and non-circular ones. Circular yield line
patterns form is the plate without developing any prying effects between the plate and the
foundation. The possible failure modes are therefore limited to Mode 1 and Mode 3. In
the case of circular patterns, Mode 1, 2 or 3 failures may occur.

As a consequence, £ ., and ¢ . , are defined as follows :

I il = min (£ o i V4 Eff.nc) (3-81.a)
loya= Lo (3-81.b)

where £, and (. . are the minimum values of the effective lengths associated to all

the yield lines patterns, respectively circular and non-circular, which are likely to develop
in the plated component being considered.

For the practical applications, the calculation of the effective lengths is derived from the
following formulations:
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Anchor bolts located between the column flanges

Assuming that bolt-row is located at mid-
distance between the column flanges, £ is

determined by the following formula:

¢, =2cm—(4m+1,25¢)
{,=2mm

Ae
&

¢ 5, =min (.81;82)

£

geﬂ”,Z =4,

where m, n are shown in Figure 3-108 and o, is
defined in EC 3 Annex J.

Figure 3-108 Anchor bolts located between the column flanges

Anchor bolts located in the extended part of the plate

In this case the effective length is evaluated as follows :

{, =4mx+1,25 ex

£, =05w+2.mx+0,625.ex

I {5 = e+2.mx+0,625.ex

/

& |—
&
lmxlex

¢ = mm_+2e

¢ 5, = min (EI;EZ;,€3;€4;£5;£6)
£ o n =Inill(fl;£3;€4;€5)

where bp, m, e, my, ex and w are given in Figure 3-109.

Figure 3-109 Anchor bolts located in the extended part of the plate
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It has to be noted that these formulae for £ ,; only apply to base plates where the anchor

bolts are not located outside the beam flanges, as indicated in Figure 3-110.

*
O
@] O
*
o o) } |
O | Il O
| ]
| !
I I
{ t
I I
! f
0O o ol l o
—t
(a) Covered (b) Not covered

Figure 3-110 Limits of validity for Formulae (3-77) and (3-78)

The application of the T-stub approach - as recommended in Eurocode 3 Annex J - to
column bases possibly requires some adaptations ; these are discussed in section 4.2.2.

Resistance of the steel profile

The steel column is subjected to combined bending and compression. In the case of HE
sections of classes 1 and 2, bent about the strong axis, the bending resistance of the cross-
section is expressed by the following equation extracted from Eurocode 3 [E1] :

*

* NRd
Mg, =111 Mpl.Rd 1- N ) * Mpl,Rd (3-82)
pl.Rd
where: M, p, is the design moment resistance of the cross-section in bending
NpiRd is the design squash load of the cross-section

My, and N, is the design values of the bending moment and compressive
force simultaneously applied to the column base.




Chapter 3 - New contributions to the component method 3.125

Assembly of the components

In order to draw the interaction curve between the maximum axial compressive force and
bending moment which can be simultaneously applied to column base, a static assembly of
the components described above is considered. For column bases with four anchor bolts,
the bolts located at the compression side are assumed never to be activated.

Depending on the eccentricity of the axial force in the column - the eccentricity is defined
as the ratio between the applied bending moment and axial compressive force - two
possible cases may occur. They are described hereafter.

Case 1. No anchor bolt is activated

This case will occur when the axis of the anchor bolts is located there where concrete is in
compression, i.e. when the compression force acts only with a slight eccentricity (Figure
3-111). In order to verify the overall rotational equilibrium of the column base, the applied
forces and the resistant loads must of course be aligned.

By expressing equilibrium along the column axis (Figure 3-111), it is so possible to write:

Ny =08b, b, .f; =08.b(h, +h=-2.0).f, (3-83)

where be, hepr, heff and e are given in Figure 3-111 while fj designates the strength of the
concrete beneath the plate as given by equation (3-74), defined as equal to (h — Ny ) / 2,18
shown in Figure 3-106.

This makes it possible to express the eccentricity e as a function of the axial force:

] Ny
=—|h, +h——7"— 3-84
14 2 [ eff O,S.bc-fj } ( )

By introducing (3-84) in (3-83), the value of N, can be derived. The maximum bending
moment which may be applied to the column base together with the compression force
N, is simply obtained by multiplying equation (3-84) by N, . This approach is valid as
long as :

h, 2hg;+h'-d

cpr

where d is the distance between the edge of the plate in the tensile zone and the axis of the
anchor bolts.
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Figure 3-111 Case 1: Bolts not activated in tension

Case 2. Anchor bolts are actived in tension

As explained in the foregoing paragraph, the anchor bolts are not actived in tension as
long as A, = (heff + h’—d).

For increasing eccentricities, the value of h,, decreases, what results in a progressive

activation of anchor bolts in tension (force F, in Figure 3-113).

For a specific value of h,,, defined as equal to { (heﬁ + h'—d) hereafter, F, reaches the

tensile resistance 2 B, , of the row of anchor bolts. For lower values of A

cpr

F, remains
thanequal to 2 B, , .

The vaniation law of Fp versus h,

. Das been selected as linear on a totally empirical basis.

It is represented by equation 3-85 and illustrated in Figure 3-112.
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Figure 3-112 Variation law of Fp

sih,,, 2h, +h'—d (casel)

F, = (hy +H~d)—h,, (3-85)
2B, zs- (-c).Ghy +h=d) #2B, gy Sih, <hg+h —d (case 2)

where:  heff is the effective height of the plate

hepr  is the height of the compressive zone

d is the distance between the edge of the plate (tension side) and the axis of
the anchor bolts
¢ is the parameter varying between 0 and 1. Fixed later.

Thanks to this simplifying assumption, the problem reduces now to the evaluation of hcpr
which would result in a distribution of internal forces able to counterbalance the
compression force; the maximum eccentricity associated to this force may be deduced.

In fact, from the vertical equilibrium (Figure 3-113) :

(hy +h—d)~h,,
A=y +h=d)

Nz, =08.b,.h,,.f; —2B (3-86)

* ].
Ny +2B, ¢y 1-¢
h,, = (3-87)

I
08.be-f; +2Bura 1T, (hyy +h—d)
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Equation (3-87) is valid only if:

.y +h=d)<h,, <(hy +h—d) (3.88)

cpr
If condition (3-88) is not satisfied and if the conditions relating to case 1 are not fulfilled,
then equation (3-87) may be simplified as follows:

N Z’a’ +2B 1.Rd
h, =—"Q>"—">"— 3-89
& 0.8.b,.f; ( )
Once the height of the compressive zone, hcpr, is known, the force to which the anchor
bolts are subjected is calculated using equation (3-85). Finally, the maximum moment that
the column base is able to transfer is calculated by expressing the rotational equilibrium
about the neutral axis of the column (Figure 3-113):

* * he]f - h’cpr heﬁ” + h'
My = Nige =08b by, f;~ ="+ (T —=d) (3-90)
hegfeh’ R
-——i_].‘ [ h cpr -

+ 7 1

+
A\

Foihe prl
Figure 3-113 Distribution of internal forces (case 2)

It should be noted that equation (3-90) is also valid when a tensile force is applied to the
column, a situation which can occur with light structures subject to strong wind. In the
case of column bases with four anchor bolts ("rigid" type), however, it is sometimes
necessary to activate the two rows of anchor bolts. For sake of clarity, this situation is not
covered here.

The last remaining unknown of the problem is the numerical value to adopt for the
parameter (. In reality, this one depends on the mechanical characteristics of the bolts and
concrete and, more precisely, on the magnitude of their respective deformations. It is clear
that a theoretical evaluation of { is quite complex. Thus, for simplicity, its value is fixed
empirically. Figures Figure 3-114.a and Figure 3-114.b illustrate the influence of { on the
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ultimate values N, and M,, of the applied forces in configurations with to 2 and 4

anchor bolts respectively. This influence is seen negligible and a value of 0,5 is therefore
selected for {.

35 T Mg, (kNm)
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(a) Configuration with 2 anchor bolts

45 1
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I
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(b) Configuration with 4 anchor bolts

Figure 3-114 Influence of { on the ultimate resistance

Comparison with the experimental tests

Figure 3-115 to Figure 3-118 present a comparison between the analytical model
presented in the foregoing paragraphs and the experimental results reported in Table 3-7.
The strengths quoted are ultimate ones. It should be remembered that the ultimate
resistance of a column base is calculated by taking into account the ultimate actual
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strengths of each component (steel, concrete, column cross-section, etc.) and the partial
safety factors taken as being equal to unity.

In each of the Figure 3-115 to Figure 3-118, three curves are reported. The first one
corresponds to the ultimate resistance of the column base, without any consideration of
the possible yielding of the HE160B cross-section (equations 3-83 to 3-90). The second
series of points gives the experimental ultimate strengths reported in Table 3-7. Finally,
the last curve covers the carrying capacity of the steel column cross-section considered on
its own (equation 3-82).

Tests PC2.15 are reported in Figure 3-115. It is clear that there is an excellent agreement
between theory and experimentation. it has also to be noted that the column cross-section
is far from experiencing yielding when the collapse of the column base occurs.

M*Ru (KN.m)
180 T

160 +
140 +
120 +

m Tests - Ultimate resist.
—— Theory - Column base
100 T — Theory - Section

80
60
40
20 A
0 f f I 1 I —
0 500 1000 1500 2000 2500 3000
N*Ru (kN)

Figure 3-115 Comparison between tests and model-tests PC2.15

In Figure 3-116, the agreement appears also as satisfactory, even if it is a bit less than in
Figure 3-115. The experimental resistance of test PC2.30.100, for instance, is lower than
the theoretical prediction. This is due to the fact that the ultimate moment has not been
reached during the test which has been interrupted because of high deformations (Figure
3-101).

Nevertheless, bearing in mind the simplicity of the model, the agreement may be
considered as quite acceptable.



Chapter 3 - New contributions to the component method 3.131

M*Ru (kN.m)

m Tests - Ultimate resist.
— Theory - Column base

— Theory - Section

0 1 f { f f -
0 500 1000 1500 2000 2500 3000
N*Ru (kN)

|
L

Figure 3-116 Comparison between tests and model-tests PC2.30
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Figure 3-117 Comparison between tests and model-tests PC4.15

The results for tests PC4.15 are plotted in Figure 3-117. Here again, a rather good
agreement between theory and experiment may be seen, except for test PC4.15.400
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where, because of its considerable deformability, the peak of the curve has not been
reached during the test.

The last series of tests is presented in Figure 3-118. The agreement between theory and
experimentation is again quite acceptable. Test PC4.30.1000 is the only one which fails by
lack of resistance of the column cross-section, what is quite in line with what was
observed in the laboratory. A slight over-estimation of the strength is noted. That is
explained by the local buckling occurring at the end of the test in the column flange in
compression. This failure load is not taken into consideration as far as now in the model.

M*Ru (kN.m)
180 T

m Tests - Ultimate resist.

—Theory - Column base

— Theory - Section

0 } f i ; . l !
0 500 1000 1500 2000 2500 3000 3500
N*Ru (kN)

Figure 3-118 Comparison between tests and model-tests PC4.30

In conclusion, it can be stated that the analytical model, despite its simplicity, is
particularly suitable for the prediction of the failure load of column bases.

3.4.3.2 Evaluation of the initial stiffness

The initial stiffness, i.e. the slope of the moment-rotation curve at the origin, is another
main mechanical property of the column bases.

By contrast with the beam-to-column joints or beam splices, the initial stiffness of the
column bases is difficult to evaluate. The effect of the axial force in the column and the
plate-to-concrete contact which involves separation effects, activation or non-activation of
the anchor bolts, etc., have to be considered to explain the particular behaviour of column
bases. For the test configurations for which the axial applied force is low, a highly
premature separation of the plate is observed, what modifies the distribution of internal
forces and therefore the global stiffness of the column base. Consequently, by contrast
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with conventional joints which exhibit an elastic linear initial behaviour, the column bases
may experience very quick changes of stiffness. In this context, the need for the
theoretical prediction of the initial stiffness becomes questionable.

This is why it has been decided in Liege not to go further with investigations on initial
stiffness but to develop a kinematic (mechanical) model allowing to follow the behaviour
of the column bases all along their loading history. Such an approach appears as the most
suitable one to understand deeply the complex phenomena to which the scientist is faced
when studying column bases. We are so following the approach initiated some years ago
by Penserini [P2], whose works constituted a quite valuable reference all along our
developments.

It should be mentioned, however, that the team of F. Wald, in Prague, is actively working
on the development of a simple model which should enable the stiffness and strength of
column-bases to be evaluated by hand [W2].

The combination of these two complementary works in the future could probably help in
deriving simple guidelines for practitioners, to be possibly included in a new issue of
Eurocode 3 Annex J and Annex L.

3.4.4 Mechanical model

3.4.4.1 Background of the model

The main objective is to develop a model based on the component method and able to
follow the behaviour of the column bases all along their whole range of loading.

To ensure the suitability of the models with the expectations, it appears quite important to
take good note of the following observations made during the tests in laboratory :

» The unilateral contact between the plate and the concrete is a complex phenomenon
which needs to be described in very refined way.

» The bond between the anchor bolts in tension and the concrete which surrounds them
is broken very prematurely, as soon as the anchor bolts are subjected to tension. It is
therefore allowed to consider that the bolts are free to elongate over their whole length
L, , as measured from the origin of the curved part up to the mid-thickness of the nut,

i.e. approx. 250 mm (see Figure 3-94).

e Under the column flange(s) in compression, the plate undergoes substantial
deformations. The pressure under the plate is therefore far from being uniform, even
under pure compression. As a consequence, it is absolutely essential to keep the
concept of equivalent rigid plate in the model.

 In the compressive zone, the extended part of the steel plate has an essential role as it
prevents premature crushing into the concrete. The formation of a yield line in the
extended part of the plate all along the column flange can also be noted. This requires
substantial deformation energy which ought therefore to be modelled.
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+ The steel column cross-section experiences yielding which, in some cases, produces
significant deformations. To compare the mechanical model with the experimental
moment-rotation curves defined in Section 3.4.2 - where the plastic deformations of
the cross-section are included - it is absolutely essential to consider these deformations
in the model.

» The distribution of the internal forces in a column base changes considerably during its
loading. In particular, the contact zone, and therefore the lever arm of the internal
forces, are in constant evolution. Furthermore, the individual response of each
component (concrete, anchor bolts, plate, section, etc.) is highly non-linear. Therefore
only an iterative approach can efficiently describe the behaviour of the column bases
throughout the whole loading.

In the light of the above statements and after several trials, which are not described here, a
mechanical model has been finally selected ; it is illustrated in Figure 3-119.
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Figure 3-119 Mechanical model for column bases

In this figure, the following components may be identified:

Extensional springs to simulate the deformation of the column cross-section (1).
These springs work both in tension and compression.

Extensional springs to simulate the deformation of the 'anchor bolts and base
plate'’ component (2). They work only in tension. A single spring is used to model a
row of anchor bolts and the corresponding part of the plate.

Extensional springs to simulate the concrete under the plate (3). They work only in
COmpression.

Rotational springs used to model the plastic deformation associated to the possible
development of a yield line in the extended part of the plate in the compressive zone
(4). These springs are not activated when the extended part of the plate is in the
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tensile zone and is therefore no longer in contact with the concrete as the
deformability of the plate is already taken into account in the extensional springs (2)
aimed at modelling the anchor bolts and plate assembly in the tensile zone.

In the next sections, details about the laws governing the behaviour of these components
and the method used to assemble the components together so as to derive the overall
response of the whole column base are presented.

3.4.4.2 Response of the individual components

Concrete in comnression

The plate-to-concrete contact is a particularly complex phenomenon because of the
modification of the contact zone with the eccentricity of the compressive force and with
the flexibility of the plate, which is directly related to its thickness.

First of all, so as to avoid to take explicitly into account the actual flexibility of the plate,
the concept of the equivalent rigid plate, already discussed in Section 3.4.3.1, is used.
However, contrary to the static model developed in Section 3.4.3, the purpose of which
was to calculate the strength of the column base, the whole loading range, characterized
by a substantial variation of the eccentricity of the axial force, is considered here. Thus the
choice of a rectangular equivalent rigid plate was no longer suitable at all for describing
some ranges of eccentricity. Therefore, the idealization of the plate illustrated in Figure 3-
120 is adopted. It is quite close to that recommended in Annex L of Eurocode 3 [E6].

The parameter "c" is the one calculated by Formula (3-75). As previously mentioned, yield
line(s) are likely to occur in the extended part of the plate. They are located close to the
weld, at a distance 0.8.+/2 .a; of the column flange, where ar designates the throat radius
of the weld between the column flange and the base plate.

Possible
yield lines )

oz

V.

—

&*\\

Figure 3-120 Definition of the equivalent rigid plate for the mechanical model
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The law o-£ adopted for concrete in the model is a conventional parabola-rectangle one,
as illustrated in Figure 3-121. It is characterized by an almost straight parabolic part. In
fact, this is understandable because the strength f; (see Formula 3-74) of the concrete

takes into account the beneficial effects of the confinement and is therefore much higher
than that measured on cubes. This does not apply to the Young's modulus E,of the

material. In fact, it may be assumed that the confinement only appears when the
deformations are significant.

o (MPa)
120 -

100 -
80 -

60

0 Ultimate shortening : €,=0,35%

20 - Initial slope

Eb = 35000 MPa

N [ P i - - L 1

0 0.002 0.004 0.006 0.008 0.01

Figure 3-121 o - £ law for concrete in compression

Equation (3-91) gives the mathematical expression of the law illustrated in Figure 3-121.
The curve passes through the origin, with an initial slope equal to the Young's modulus,
and passes through the point (g, fj).

f' - Eb ’Su

&+ Ee (3-91)

123

G(€)=

The concrete-to-plate contact is discretized through the use of a finite number of springs,
each covering a small part of the contact zone. A number of preliminary tests have shown
that about hundred springs provide sufficient accuracy for discretization. To establish the
F,—A; law of a particular spring, it is sufficient to comply with the two following
equatons:

F =0,

3-92
Ai =E&. h’block ( )
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where Fj is the force in the spring i, £2; the concrete area it represents, A; its elongation;
hy. 1S the depth of the concrete block. By combining equations (3-91) and (3-92), the
F. — A, relationship is derived as follows :

A fi-E.e (A Y A,
F(A)=Q.. | == +E,| = (3-93)
8L12 hb[ ock ’ hb lock

Equation (3-93) is based on the assumption that the deformation at a point of the plate-to-
concrete contact zone is constant over the depth of the block, what is just, of course, a
simplification. However, for reasonable dimensions of the block, what is the case for the
tests considered here, this idealization gives similar results than those supplied by more
complex models, as the Penserini one [P2].

Anchor bolts in tension and base nlate in bending

Contrary to the behaviour of the concrete which is identical for each of the twelve tests,
the curve relating to the "anchor bolts in tension and plate in bending" assembly depends
(a) on the thickness of the plate and (b) on the position of the row: between the flanges or
outside the flanges.

The pseudo-plastic and ultimate resistances of the "anchor bolts-base plate" assembly,
respectively termed Fp, 4 and Fy, ... (s€€ Appendix 1), are given in Table 3-8. They

have been basically derived through the use of the formulae given in section 3.4.3.1
(strength of the anchor bolts in tension and the base plate in bending) but sometimes
amended as explained in the next paragraphs. As mentioned previously, the ultimate
tensile resistance of the anchor bolts has not been reached, in the tests presented in
Section 3.4.2, by failure in the cross-section, but by unbending of the curved part. The

associated ultimate value measured in laboratory is also reported in Table 3-8 where the
italic and bold characters are used for values exceeding 2B, p, .

PC2.15 PC2.30 PC4.15 PC4.30
Fry moder (KN) 327 1306 91 363
Frymoder (KN) 480 1922 264 447

(PC4.15.100) (PC4.30.100)

133 (others) 534 (others)

2B, p, (kN) 375

Table 3-8 Strengths of the anchor bolts and plate in tension

During the tests, the anchor bolts elongate usually in a significant way, and more
particularly, in comparison with the deformation of the base plate. As a consequence,
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prying effects may not develop as they would do in usual end-plate connections. Such a
behaviour has been systematically noted in the first loading steps, i.e. there where the
response of the column base is approximately elastic. This explains why the elastic
stiffness of the "anchor bolts - base plate" assembly is evaluated below on the basis of a
"no prying" situation. For what regards the pseudo-plastic resistance of the "bolt-plate”
assembly, a distinction has to be made between column bases with two and four anchor
bolts respectively.

In column bases with two anchor bolts, no prying forces develop all along the loading.
Mode 2 failure in the base plate is therefore not contemplated and only circular patterns
are likely to contribute to Mode 1 (see Section 3.4.3.1).

In column bases with four anchor bolts, a similar response is reported for tests
PC4.15.100 and PC4.30.100. For the other tests (PC4.15.400 and 1000 and PC4.30.400
and 1000) no prying develops until the pseudo-plastic resistance of the base plate is
reached. But because of the high axial compression force acting in the column, the
displacements remain limited in the tension zone and a contact progressively develop
between the plate and the concrete when the loading is increased beyond the pseudo-
plastic resistance of the column base. Formulae (3-77) to (3-79) are therefore used at
ultimate state.

This justifies the different values reported in Table 3-8 according to the test numbers.

For the mechanical model, the whole deformability curve of the "anchor bolts-plate”
assembly must be determined. First, the elastic stiffness of the different components is
evaluated according to Eurocode 3 Annex J where the force -displacement relationship for
each component in the elastic range, is expressed as follows :

F=FEkA (3-94a)
or F=K.A (3-94b)
with : k& 1is the stiffness coefficient of the component

K is the stiffness of the component

For a row with two anchor bolts, the stiffness coefficient is as follows :

2AE
b= L,

(3-95)

where A, represents the stress area of the anchor bolt, E the Young's modulus for steel
and L, the free length of the bolts. The value to give to L, has been defined in Section
4.1.

The deformability resulting from the bending of the base plate has to be added to that of
the anchor bolts. The elastic stiffness of the base plate is given by :
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Ed g1, o
k,= ——2——3—— for configurations with 2 anchor bolts (3-96.a)
.m
EL .t
k,= BEYPEN for configurations with 4 anchor bolts (3-96.b)
RN

where £ ,mand m, are given in Section 3.4.3.1; t,is the thickness of the plate.

Formulae (3-95) and (3-96) differ from those recommended in revised Annex J because of
the absence of prying forces.

When the elastic stiffness and the resistance of the tv/o components are known,
deformability curves for anchor bolts and plate can then be built. Let us start with the
anchor bolts in tension. Their behaviour is modelled in accordance with the law illustrated
in Figure 3-122. The format of this law is stmilar to that used in EC3 Annex J but it is
referred here, for what regards the peak value of the curve, to the ultimate resistance of
the anchor bolts and not to the design resistance as it should be according to Annex J.
This freedom has been taken after that the suitability of the proposed law had been
checked through comparisons with results of laboratory tests on anchor bolts in tension.

F/(2.Btru)

A

Figure 3-122 Behaviour law for anchor bolts in tension

The equation of the curve plotted in Figure 3-122 can be expressed as follows:
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2
F=FE.k A for FSE-ZB:.RH
(3-97)

-2,
2
F=E. k, (1,5. ] A for ;.ZBLRH <F<2B,,,

2 Bt.Ru

where 2 B, , designates the ultimate resistance of an anchor bolt-row and %, its elastic
stiffness coefficient as given by equation (3-95).

The plate behaviour in bending is modelled in a more complex manner than that of the
bolts. Use is made in fact of a model we proposed in [J1]; this one is much more suitable
for the modelling of a steel component such as the plate. The F-A relationship is given by
the equation (3-98) :

E ® (kp - kp,post—limit )5
F= 1 +E. kp,pasr—limit. A< FRu (3_98)

1+ E-(kp_kp,past—limit)'6 i
Fyp,

where k, is the initial stiffness coefficient (equation 3-96) and &, ;. » the post-limit
stiffness coefficient. According to [J1], k, ,,4_m: May be taken equal to 1/40 times the
initial stiffness coefficient k, in the case of column bases with two anchor bolts, and to
1/20 times k, in the case of column bases with four anchor bolts where the extended part

of the base plate experiences larger deformations resulting in the development of
membrane effects. Fy, is the pseudo-plastic resistance of the "bolt-plate” assembly and

F,its ultimate resistance (see Appendix 1). Parameter c is a shape factor which has been

chosen equal to 1.5 on the basis of comparisons with the experimental data. This value is
nothing else than that which is recommended in [J1] for most current types of steel beam-
to-column joints.

The "anchor bolts + plate” behaviour curve is finally obtained by adding the two "anchor
bolts" and "plate” curves (equations 3-97 and 3-98). Figure 3-123 to Figure 3-126 present
the resultant curves obtained for the four test configurations described in Section 3.4.2.
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Figure 3-124 Behaviour law for the "anchor bolts + plate" component. Tests PC2.30
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Figure 3-125 Behaviour law for the "anchor bolts + plate" component. Test PC4.15.100
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Figure 3-126 Behaviour law for the "anchor bolts + plate" component. Test PC4.30.100

In addition to the "anchor bolts + plate" deformability in the tensile zone, the plate is also
likely to deform in the compressive zone in the case of column bases with four anchor
bolts (see Section 3.4.4.1). The tests have shown that this deformation is very localized
and may be concentrated in a plastic hinge. Thus, in the mechanical model, this



Chapter 3 - New contributions to the component method 3.144

deformability is accounted for by means of a rotational spring characterized by an elastic-
perfectly plastic law. In the tensile zone, the deformability of the plate is already
considered through the above-described "anchor bolts + plate" spring. The stiffness of the
rotational spring is therefore taken as infinite in the tensile zone ( K, = o). Figure 3-127

illustrates the behaviour law finally adopted.

AMoment in the plate
MPI """"""

'
Relative rotation

K,

Figure 3-127 Behaviour law for the plate rotational spring
(configuration with four anchor bolts)

The characteristics of the spring, i.e. M, and K_, should be evaluated as follows:

3 2
Eb,.t, 1 E.bp.tp

K =—2t2 —= (3-99)
12 't 12
b, f, .t

M, =" 2” : (3-100)

where b, is the total width of the plate, f,, its yield strength, and ¢, its thickness. The

calculation of the rotational stiffness (3-99) is based on the assumption that the
deformation zone extends over a length equal to the thickness of the plate. However,
application of the model to tests has shown that equations (3-99) and (3-100) over-
estimate the deformation energy of the plate. In fact, the best agreement has been obtained
by giving to K and M, zero values, ie. the characteristics of a perfect hinge. This

assumption has therefore been selected.

Steel profile

In Section 3.4.2, it has been explained that the column steel profiles HE160B experiences,
in some cases, high stresses, what leads to partial yielding of the cross-section. For test
PC4.30.1000, a plastic hinge forms, causing the full yielding of the column cross-section.
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In order to take this into account in terms of both strength and deformability, the steel
cross-section is represented by means of a number of extensional springs, what makes it
possible to simulate the development of yielding in the section with increasing values of
the bending moment and compressive force.

Figure 3-128 illustrates the way in which the cross-section has been discretized in the
mechanical model.

Figure 3-128 Digcretization of the column cross-section for the mechanical mode!l

To each of the small discretized parts of the section represented in Figure 3-128 is
associated an extensional spring, the stiffness and strength of which are proportional to
the area of this zone. The behaviour law for the constitutive steel is elastic - perfectly
plastic. The length of the springs is taken equal to the distance between the end-plate and
the location of the rotational transducer ROT, used in laboratory (see Section 3.4.2.3), so
as to allow a direct comparison between test and model. An inconsistency is however
likely to occur as the elastic contribution to the rotational deformation of the column close
to the column base has been withdraw from the experimental M-¢ curve. As this
contribution is seen to be quite negligible, the comparisons may be anyway considered as
valid.

o

3.4.4.3 Assembly procedur

The characterization of the individual behaviour for all the components is followed by the
assembly; this one is performed in accordance with the model illustrated in Figure 3-119
where it is assumed, conventionally, that all the vertical forces and moments are positive if
they act upward and in the anti-clockwise direction respectively. The same rule applies
also to the displacements.

A schematic representation of the model is given in Figure 3-129.
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Figure 3-129 Schematic representation of the mechanical model

The origin of the abscissas (x) is placed on the column axis; the displacement field of the
model may be so expressed as follows (see Figure 3-129):

ux)=u+@.x zone 1
vix)=v+0.x zone 2
w,(x)=u+lim,.¢ +(x—1lim,).y, zone3
w(x)=u+lim_ @+ (x—-lim,).y. zone4

(3-101)

where [imy and lim¢ designate the abscissas of the flexural springs in the tensile (K;) and
compressive (K.) zones respectively. The quantities u, v, 6, ¢, % and ¥ are defined in
Figure 3-125. The numbering of the zones (1 to 4) is also shown in Figure 3-129.
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Equation (3-100) shows that the deformed state of the system is fully defined by six
parameters: u, v, ¢, 6, %, %. The determination of these values under loads M and N loads
requires six linearly independent equations. These equations are obtained by expressing
the vertical and rotational equilibrium of the different zones of the model. First of all, the
equilibrium of zone 1, i.e. the upper part of the model representing the steel profile, is
expressed. Equation (3-102) relates to the vertical equilibrium and equation (3-103)
represents the rotational equilibrium expressed at the origin of the axes :

N+D F=0 (3-102)
M+ F . x, =0 (3-103)

where F; designates the axial force in the "zone 1" spring i.

In equations (3-102) and (3-103), the summation applies to all the springs of the zone 1
which represents the column profile subject to combined bending and compressive or
tensile forces. The force in a spring may be calculated from the displacements as follows:

F=K.(v,—u) = K.[(v—u)+ x.(6 - 9)] (3-104)

By substituting equatio -104) in (3-102) 3-103), we obtain:
ar . N A o 2 108N
N+ 2 K (V—Lt)'t'LA X, (6-0)=0 (3-105)
M+ X K (v =)+ 2 K.x] (6 -9) =0 (3-106)
i

i

The vertical equilibrium of the whole lower part of the model, namely zones 2 to 4 writes

LV VY 113

ZF +LF +Lp£ EF (3-107)

The forces in the springs "j", " ¢ " and "m" (see Figure 3-129) can be expressed as follows:
Fi=K;, u;=K; (ut+x;.0) (3-108)
F,=K,.w, =K, [u+lim,.¢+(x, —lim,).7,] (3-109)

F,=K,.w, =K, [u+lim ¢+ (x, ~lim_).7,] (3-110)

By combining equations (3-108) to (3-110) and (3-104) with equation (3-107), the third
equation of equilibrium is obtained :
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YK+ K+ K, +2Km}.u—21(,-.v+
N P ? i

m

Y K,.x;, + 2 K;.x; +1im_. Y K, +lim,.Zij|.(p—2Ki.x,-.9 (3-111)
L i i 4 i

m

+[Z K,.x, ~limc.2Kz}.yC +[2 K,.x, —lim,.ZK,n].y, =0
£ £ m m

The three last equations needed to solve the system are obtained by expressing the
individual rotational equilibrium of each of the zones 2, 3 and 4. The moments acting in
the end-plate rotational springs can be expressed as follows:

M, =K., -9)20 (3-113)
As previously explained the stiffnesses K¢ and Ky depend on the direction of the bending

moment applied to the extended parts of the plate (Figure 3-127). The rotational
equilibrium of the interior part of the plate writes :

ZK,-JC; +2Kj.xj +1imc.2:Kf +lim,.z Km}u—ZKix,..v+
L i J £ m i

Y K.x]+ YK, x)—K,—K, +lim>. ) K, +1im,2.21<m}q> Y K,.x>.6 (3-114)
i J £ m i

+ ‘:limc N K,.(x, -lim,) + K, }.yc + [lim, Y K,.(x, -lim,) +K, ].y, =0
£

m

Equations (3-115) and (3-116) express the rotational equilibrium of the extended parts

under tensile and compressive loads.

{Z K,.(x, —lim, )}.u+[2 K,(x, —lim,).lim_ + Kc}q)
£ 4

(3-115)
+[2K£.(x,_, ~lim,)? - K}y =0
£
[Z K,,.(x, —1lim, )}. u+ [Z K, (x, —lim,).lim, - K, } 0
N " (3-116)
+ [2 K,.(x, —lim,)> + K}y =0

At this stage the six linearly independent equilibrium equations are available. These can be
expressed in the form of a matrix. It is here quite important to note that the stiffnesses K
of each spring are tangential ones and are deduced from the component non-linear curves;
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they vary then with the level of loading applied to the column base. As a consequence, the
moment-rotation curve of the column base has to be built step by step by applying
successively load increments to the mechanical model and by evaluating the corresponding
deformations. This requires, at each loading step, to solve the system of non-linear
equations expressed in an incremental format. As the position of all the springs is fixed,
the incremental expression of the equilibrium equation is simply achieved (see equation 3-
117) by replacing, in the six equations, the displacements u, v, @, 8, ¥, ¥ and the external
forces applied M and N by their increments.

The springs simulating the anchor bolts belong either to zone 2 in the case of column
bases with two anchor bolts- index "j" - or to zones 3 and 4 in the case of column bases
with four anchor bolts - indices "m" and "¢ " -.

Av — AN
A6 |-aM (3-117)
Au 0
[K‘] A 1o
Ay, 0
Ay, 0
with [K] =
YK, YK.x -¥K, - Y K,.x, 0 0
YK,.x - Y K,.x, - Y K,.x! 0 0
K,.
YK, +XK, YK.x + 2 K x, Y K,.x, 2;] "’zx";(
—im
+Y K, + YK,  +lim YK, +lim YK, ~lim, Y K, e
lim, Y K,. lim, Y K_.
YK.x+2K,.x -K, K, m 2 Kx m, 2K, %,
—lim?Y K, +K, ~-lim?Y K, +K,
+lim? Y K, +lim? Y K,
Y K,.(x, -lim, ) -K,_ 0
sym. YK, .(x, ~lim,)* - K,

The different steps of the iterative procedure which leads to build progressively the
deformability curve of the column base are detailed hereunder.

* Let us consider the system in equilibrium under applied forces M; and N;. The

displacements uj, vi, @i, 6, Yci. i are associated to these forces. At the beginning of
the process, all these quantities are equal to zero.
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As the deformation of the system is known, it is possible to calculate the individual
deformation of each spring. From this deformation, the tangential stiffness of the
springs may be derived from their F-A law (Formulae 3-93, 3-97 and 3-98).

At the beginning of the iterative process, no information is available on the behaviour
of the system; it is therefore assumed a priori that all the springs are activated and that
their stiffness is taken equal to the elastic one.

Load increments ANjy+], AMjy], are applied to the system. On the basis of the
tangential stiffnesses calculated above, equation (3-117) is solved to obtain the six
increments of displacement Aujyj], Avi+], AQi+], ABj+], AYi+]1, AYut+] Which are
then added to the values already calculated.

For this new deformed state, the forces acting in the different springs are evaluated.
Because of the linearization of the equilibrium equations, the resultant of these forces
does not counterbalance perfectly the moment and axial load applied. The difference
between these two quantities is termed "out-of-equilibrium forces".

To compensate for this lack of accuracy, equation (3-117) is solved again by replacing
ANj+ ] and AMj+ ] respectively by the values of the out-of-equilibrium axial force and
the out-of-equilibrium moment. New increments of displacement are obtained which
are again added to the previous values, and this iterative procedure is applied until the
out-of-equilibrium forces are small enough to be ignored. At this moment, the
deformed state of the system under the Nj+AN;4+7 and M;+AM;y ] loads is finally
known.

A new increment of forces is then applied, and the iterative process described here-
above is reactivated until failure is reached, i.e. when:

e the system of equations have singularities, what only occurs when the
resistance of all the springs of zone 1 or all the springs of zones 2 to 4 is
exhausted;

e the system of equations diverges or requires too many iterations to converge,
thereby signifying that the resistance of a large number of springs is exhausted
and that the equilibrium is practically impossible to satisfy;

e the displacements observed become too large, thus falling outside the scope of
the model (excess of deformation capacity in some components).

In the next section, comparisons between the mechanical model and the experimental
results described in Section 3.4.2 are presented.

In these applications, the failure of the column base is reached for the first above-
described two reasons; the concrete crushes or the anchor bolts breaks in tension (in most
of the tests) or the steel profile yields (test PC4.30.1000).
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3.4.4.4 Comparison with the experiments

Figure 3-130 to Figure 3-141 present comparisons between the mechanical model
described in the foregoing paragraphs and the twelve experimental tests results.

The curves presented in these figures are the moment-rotation curves of the column bases.
With regard to the mechanical model, the graph shows the variation of M as a function of
0, i.e. the rotation measured at the base of the steel profile, with due account being taken
of the yielding phenomena occurring in the latter.

For the configurations with two anchor bolts the theoretical curves obtained using the
Penserini method [P2] have also been plotted. It is clea- that the agreement between the
latter and the experimental tests is far from convincing (Figure 3-130 to Figure 3-135).
This is simply because the tests carried out in Liége are largely outside the scope of the
Penserini model.

Examination of Figure 3-130 to Figure 3-132 presenting tests PC.15 (two bolts - 15 mm
plate) reveals an excellent agreement between the mechanical model and experimentation.
The initial stiffness of the moment-rotation curve is accurately predicted by the model; the
progressive yielding of the column base is perfectly predicted by the theory. On the other
hand, the agreement is less satisfactory for the ultimate load; its remains however quite
acceptable (scatter of 5 to 10% maximum). This is due to the great complexity of
behaviour when the different components of the column base are close to collapse:

e concrete is a material whose mechanical properties can vary considerably according to
the quality of the compaction. Furthermore, the crushing of the concrete under local
forces is not an easy phenomenon to model;

e the anchorage of the bolts in the concrete is aleatory. In fact, contrary to what was
expected, the anchorage of the bolts by the concrete was not sufficient enough to
prevent a relative overall movement between the bolt and its support. Fortunately,
these movements only occurred in the case of very high tension forces at the end of the
test, and thus only altered the ultimate load.

e the displacements at the end of the test become quite significant, what leads to
geometry changes which are not correctly taken into account in the mechanical model.

Despite this, and considering the curves as a whole, the general agreement between the
mechanical model and the tests can be regarded as being quite good.

A similar conclusion could be drawn at Figure 3-133 to Figure 3-135 relating to tests
PC2.30, except for test PC2.30.100 (Figure 3-133).

Some investigations have shown, however, that the only way to come to a better
agreement for tests PC2.30.100, with the model, was to reduce the stiffness of the
concrete without modifying its ultimate strength.
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In other words, the lack of stiffness in the concrete block appears as the main reason to
explain the rather poor agreement obtained in this case. And, in fact, that is what
happened in test PC2.15.100 as explained in Section 3.4.2 4.

Figure 3-136 and Figure 3-138 relate to PC4.15 tests. Again, the agreement is seen quite
acceptable.

Finally, Figure 3-139 to Figure 3-141 show a moderate agreement between theory and
experimentation. While test PC4.30.400 (Figure 3-140) gives excellent results, test
PC4.30.100 seems to suffer from the same problem than test PC2.30.100, i.e. an actual
stiffness for the concrete lower than the theoretical prediction. Finally, test PC4.30.1000
seems to be well described by the mechanical model (Figure 3-141) when the moment is
lower than half its ultimate value. But, as already said, a progressive buckling of the
column flange in compression has been observed during the test and it has been previously
pointed out that this failure mode is not included in the model. This probably explains the
additional deformability reported during the test.

In conclusion, the agreement between the mechanical model and the experimentation can
be considered as quite satisfactory, even good. Few discrepancies have been observed.
These, however, can be explained and they do not put the general validity of the proposed
rules in question again. It must not be forgotten that these rules have been rigorously
derived, i.e. without a single empirical parameter, and are identical for the twelve tests
being considered.
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Figure 3-130 Comparison between the tests and the mechanical model. Test PC2.15.100
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Figure 3-131 Comparison between the tests and the mechanical model. Test PC2.15.600
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Figure 3-132 Comparison between the tests and the mechanical model. Test PC2.15.1000
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Figure 3-133 Comparison between the tests and the mechanical model. Test PC2.30.100
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Figure 3-134 Comparison between the tests and the mechanical model. Test PC2.30.600
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Figure 3-135 Comparison between the tests and the mechanical model. Test PC2.30.1000

M (KN.m)
80 ]

60 - -

40+
- Tests

20

-=- Model

1 1 1 | | 1 | |

0 10 20 30 40 50 60 70 80 90 100
Rotation (mrad)

Figure 3-136 Comparison between the tests and the mechanical model. Test PC4.15.100
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Figure 3-137 Comparison between the tests and the mechanical model. Test PC4.15.400
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Figure 3-138 Comparison between the tests and the mechanical model. Test PC4.15.1000
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Figure 3-139 Comparison between the tests and the mechanical model. Test PC4.30.100
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Figure 3-140 Comparison between the tests and the mechanical model. Test PC4.30.400



Chapter 3 - New contributions to the component method 3.158

M (kN.m)
140 1

- Tests

-= Model

O { I 1 i

0 20 40 60 80
Rotation (mrad)

Figure 3-141 Comparison between the tests and the mechanical model. Test PC4.30.100.

3.4.5 CONCLUSIONS AND FURTHER DEVELOPMENTS

Twelve column bases constituted of welded plates connected to the concrete foundation
by means of two or four anchor bolts have been tested in Li¢ge in the frame of the COST
C1 European Project. The results of these ones have been presented and the main
mfluence of the selected parameters (number of anchor bolts, thickness of the base plates
and ratio between bending moment and axial compressive force) has been extensively
discussed.

On the basis of the knowledge got from these tests and from the available literature, a
simple analytical model aimed at predicting the ultimate and design resistances has been
developed and validated through comparisons with the experiments.

The model appears as an application of the principles of the component method, with
references to annexes L and J of Eurocode 3 for what regards the characterization of the
individual basic components.

A complete model requires also nowadays the prediction of the stiffness properties in
rotation of the column bases.

However, the complexity of the problem is such that the development of a simple and
reliable stiffness model appears still now as quite contingent. It has therefore been decided
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to focus on the development of a scientific tool, i.e. a mechanical model, allowing,
through rather long and iterative calculation procedures, to simulate accurately the non-
linear response of the column bases from the first loading steps to failure.

Such a tool, the validity of which is demonstrated through comparisons with experiments,
allows to deeply understand the behaviour of the column bases and of their constitutive
components, the inherent interactions and the way failure occurs.

Through the use of this tool in parametric studies, the development of a reliable stiffness
model may be contemplated in the future, and more especially in the frame of the present
CRIF two-years projects on column bases where complementary experiments on column
bases with two anchor bolts subjected to uniaxial major or minor axis bending have been
recently performed.

3.5 Composite joints
3.5.1 Introduction

Composite construction is quite attractive from an economical point of view. To illustrate
this statement, let us briefly comment the following design steps which reflect established
practice in building construction :

e The steel frame is first designed by considering rather flexible - presumably pinned -
links between the constitutive beam and column elements. The connection types may
be selected so as to achieve economy in fabrication and erection.

e The slabs, at each storey, are then concreted; longitudinal and transverse steel
reinforcement bars are placed (one or two layers) in the concrete and it is
recommended not to interrupted the longitudinal rebars when crossing the internal
columns (see Figure 3-142) so as to restore a continuity in the composite joints. Under
hogging moments, tensile stresses develop in the longitudinal reinforcement bars, what
results in a substantial rotational stiffness and moment resistance of the composite
joint, even when rather flexible steelwork connections are used.

These good stiffness and resistance properties of the composite joints limit the mid-
span deflection and the maximum sagging moments in the beams; this results in a
reduction of the member sizes, and therefore of the building height.
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Figure 3-142 Composite joints

As steel joints (see Chapter 1), composite ones may be classified according to their
resistance (partial strength/full strength), their stiffness (rigid/semi-rigid/pinned) and their
rotation capacity (class 1, 2, or 3).

Their class helps in selecting the appropriate modelling (continuous, semi-continuous and
simple) for frame analysis.

The idealization of the M-¢ characteristics to which it has to be referred to is also
depending on the type of frame analysis; the latter determines the properties of the joints
which have to be evaluated.

Eurocode 4 [E7] recognizes the partial strength/full strength character of the composite
joints. This classification is relevant in the cases where plastic design is performed; it
allows to determine the location of the plastic hinges under hogging moments, in the joint
or at the beam end-section.
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On the other hand, no allowance is made for semi-rigid joints in cases where elastic frame
design is carried out. Eurocode 4 only recognizes the use of rigid joints.

No specific guidelines are however provided in Eurocode 4 to the designers for the
evaluation of the resistance and stiffness properties of the composite joints. At the time of
drafting, the conclusions from research were judged not to be sufficiently well-established.

Since that time, the revised Annex J of Eurocode 3 has been prepared, where reference is
made to a general design concept for joints, the component method, which is described in
Chapter 2. Several researches progressed also throughout Europe and it was recently
concluded that a sufficient knowledge was available so as to prepare a specific annex to
Eurocode 4 on « Composite Joints in Building Frames » as well as a comprehensive
background document where detailed information on the models, formulae, etc ... would
be gathered. This work has been made possible through a collaboration between the Cl1
project of the programme for European Cooperation in the Field of Scientific and
Technical Research (COST) and the Technical Committee 11 of the European Convention
for Constructional Steelwork (ECCS).

The drafting group for both documents comprised the present author and the following
colleagues : D. Anderson (Warwick), JM. Aribert (Rennes), G. Huber (Innsbruck),
H.J. Kronenberger (Kaiserslautern), J W B. Stark (Delft), F. Tschemmernegg (Innsbruck),
K. Weynand (Aachen) and Y. Xiao (Southampton).

In this group, we have reflected the knowledge we had acquired few years before in the
frame of an ECSC (European Convention for Steel and Coal) research programme that
we had carried out in collaboration with the Arbed company (Luxembourg), and where 56
experimental tests on steel and composite joints with cleated connections had been
performed. But our main task, as one the three drafters of the revised Annex J of
Eurocode 3, was to ensure a perfect compatibility between the latter and the Annex J of
Eurocode 4 being drafted.

The Eurocode 4 Annex J [E3] is now available as a CEN document (Comité Européen de
Normalisation) and the background document should be published in early 1997 as a
COST C1 document [C7].

In the next sections, the different aspects of the design of composite joints are briefly
tackled.

3.5.2 Characterization

Here again reference is made to the component method as a composite joint is nothing
else than a steel joint surmounted by a reinforced slab. Shear connectors are fully efficient
or not according to their percentage. In the case of partial interaction between the steel
beam and the slab, slip occurs, what may affect substantially the rotational behaviour of
the composite joint. Guidelines on how to deal with partial interaction are provided by
Eurocode 4 Annex J.
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A slab in tension generates basically two new components : the concrete in tension and the
reinforcement bars in tension. Contact plates constitute an original and quite economical
way to ensure the transfer of compressive loads from the lower beam flange to the column
(Figure 3. 142.a). Their use leads however locally to a reduced stiffness in comparison
with that reported in other connection types such as end-plated ones.

Lastly encased columns exhibit higher properties as far as web panels in shear and
compression are concerned. All these particularities are covered by Eurocode 4 Annex J.

3.5.2.1 Concrete in tension

This component is disregarded for sake of simplicity. The concrete is therefore assumed as
cracked in tension all along the joint loading.

In composite joints with flange cleated connections (see Figure 3-142.c), the lower part of
the concrete slab may be subjected to compressive forces, especially when slip occurs
between the lower beam flange and the lower flange cleat, the centre of rotation being
then located in the slab. Here again, the additional resistance of the concrete is
disregarded.

This assumption is considered as conservative as it leads to calculated values of the
stiffness and resistance properties lower than the actual ones.

3.5.2.2 Reinforcement bars in tension

Reinforcement bars are main components as they allow a composite action to take place in
the joint. Stiffness and resistance evaluation formulae are provided in the Annex; the
elongation of the rebars is assumed to extend over half-a-depth of the column cross-
section. Beyond this limit, the elongation of the rebars is taken into consideration in the
flexural stiffness of the beam under hogging moments. Tests show that a significant level
of deformation may be supplied by rebars in tension, and that this available ductility is
higher than that required in practical situations [L1]. It has however to be pointed out that
the ductility of the reinforcement used in the tests was significantly better than the
minimum specified in Eurocode 4 for even « high ductility » bars [A2].

As illustrated in Figure 3-142.a, an unbalanced loading (Mz >M,) generates contact forces
between the column and the concrete slab in the left-sided joint. Provisions are given in
the code so as to avoid the crushing of the concrete in compression by privileging a
premature failure of the rebars in tension in the right-sided joint. This is achieved by
providing a sufficient amount of transverse reinforcement in the slab close to the column
face.

3.5.2.3 Encased columns

The casing of the column is a mean, as far as joints are concerned, to stiffen and
strengthen the column web panel in shear and the column web in compression.



Chapter 3 - New contributions to the component method 3.163

As a result, encasement appears as a way to reinforce the column web and not as a new
component.

Formulae are provided in the Annex so as to quantify the additional stiffness and
resistance got through encasement, with regard to unreinforced steel webs.

3.5.2.4 Contact plate

The additional deformability resulting from the use of contact plates (see Figure 3-142.a)
is covered by an appropriate stiffness coefficient. The resistance is limited by the design
strength of the steel forming the plate, but this is under review [A2].

3.5.2.5 Assembly of the components

Similar procedures for stiffness and resistance assembly than those described in Section
3.2.3.2 are recommended in Eurocode 4 Annex J, the layer of reinforcement being
considered as an additional bolt-row, the deformation capacity of which is sufficient to
enable a full plastic redistribution of internal forces to take place in the joint.

3.5.3 Classification
3.5.3.1 Classification by stiffness

The same stiffness boundaries than those recommended by Eurocode 3 are referred to for
composite joints. These boundaries have to be compared to the initial joint stiffness. This
one should be evaluated by considering the contribution of the uncracked concrete in the
tension part of the slab. For sake of simplicity - and this may be considered as a
conservative approximation - the concrete is assumed to be cracked and does not
contribute to the increase of the initial stiffness.

3.5.3.2 Classification by resistance

As for steel joints, the strength classification is achieved by comparing the design
resistance of the joint to the weaker design moment resistance of the two connected
members. As far as the beam is concerned, design moment resistance of the full composite
beam under hogging moments is relevant.

3.56.3.3 Classification by ductility

The classification by ductility, as expressed for steel joints in Chapter 1, Section 1.7,
remain unchanged and applies as well to composite joints.

3.5.4 Modelling

The local joint modelling of the composite joints is achieved, as for steel joints, according
“to the type of frame analysis and the stiffness and/or resistance class of the joint (see
Figure 1-14 in Section 1.3.1).
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In Eurocode 4, the selection of the appropriate joint modelling is however restricted with
regard to steel joints as the use of semi-rigid joints is prohibited.

3.5.5 ldealization

Explicit references are made to Eurocode 3 Annex J as far as idealization is concerned.
No specific additional information is required.

3.5.6 Conclusions

Substantial improvements of the stiffness and resistance properties of the joints in
composite buildings may be achieved by taking into consideration the combined
composite action of the steel connections and of the reinforcement bars in tension.

To benefit from this composite action, design rules for joint characterization, idealization,
modelling and classification are required. The direct and rather easy extension of
Eurocode 3 Annex J to composite joints has been made possible by referring to the
principles of the component method. Under the auspices of the European Communities,
an Annex J on « Composite Joints in Building Frames » has been prepared [E3] and a
background document where the reader will find detailed information on how the rules
included in Annex J have been derived and validated will be soon available [C7].

3.6 Extension to high strength steels (HSS)
3.6.1 Introduction

In the new revised Annex J of Eurocode 3 on "Steel Joints in Building Frames" | any joint
is considered as a set of individual components and its mechanical properties (stiffness,
resistance, ...) are evaluated accordingly.

The numerous components listed in Annex J allow to cover a wide range of structural
joints.

For all these components, rules are given to evaluate their stiffness and resistance
characteristics, as well as their deformation capacity. An assembly procedure is also
described; it allows to derive the mechanical properties of the whole joint. The rules for
the evaluation of the component properties have been validated through comparisons with
experimental results. As the available experiments are not covering all the actual
constructive possibilities (range of relative dimensions, steel grade, ...), some limitations
have therefore been given so as to avoid the use of the Eurocode 3 rules outside these
ranges of application.

The major limitation is that relative to the steel grade. In this section, the possible
extension of the Eurocode 3 Annex J rules to higher steel grades up to S460 is discussed.
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3.6.2 Steel grade limitation

The limitation of Eurocode 3 Annex J to S355 steel grades is a general statement for each

constitutive component.

.

For some of them, however, its application is quite questionable :

Column web panel in shear :

Beam flange and web
in compression :

Bolts in bearing

Plate in tension and compression
Beam web in tension

Column web in tension

End plate in bending
Column flange in bending
Flange cleat in bending

the limitation of the panel slenderness to d /¢, < 69¢
(see Section 3.2.1.6) is there to ensure that no shear

buckling occurs. As e= 235/ f,,,. (With f,,. = yield

stress of the column web), the steel grade is already
taken into consideration there and no other limitation
is required; in other words, the formula given in
Annex J for the plastic shear resistance of the panel is
valid whatever is the steel grade, as long as
d/t,< 69¢. The limitation to S355 can therefore be
removed.

No steel grade limitation should be expected from the
rules discussed in Section 3.2.1.6 for slender web
panels as the steel grade is explicitly taken into
account in the post-critical range of application.

The strength calculation is based on the evaluation of
the design resistance M. gy of the beam cross-section
in bending. M,z; depends on the class of the beam
profile and, as for the column web in shear, this one is

influenced by €. Once again, a limitation of the steel
grade seems not needed for this component. Further
studies are however planned in Liege so as to check
his statement.

No instability is likely to occur in these components,
even for the plate in compression, where the risk of
instability is prevented through the use of appropriate
bolt pitches. Their strength is linked to plasticity and a
limitation to steel grade lower the S355 seems not
justified.

These components are idealized as T-stubs subjected
to tension forces. At design failure, the resistance of
the bolts in tension is exhausted, a plastic mechanism
develops in the T-stub flange or a mixed failure
involving bolt fracture and plasticity in the T-stub
flange occurs.
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Once again, the relative values of the yield stresses
(bolts/plate) are taken into consideration in the
strength calculations and no limitation of the yield
stress for the connected plate (end plate, column
flange or cleat) has to be considered for these
components.

The only component for which an extending of the design rules to HSS is questionable is
the column web in compression where the buckling and crippling resistances (not the
crushing one) is highly dependent upon the web slenderness and on the longitudinal
stresses in the column web resulting from bending moments and normal forces.

This point is discussed here below.
3.6.3 Column web in compression and HSS

3.6.3.1 Design resistance of a column web according to
Eurocode 3 Annex J

In a strong axis joint between H or I hot-rolled profiles, the failure of the column web
panel may occur in two different ways : shear yielding or crushing under the tension or
compression forces carried over from the beam to the column by the connection (also
called load-introduction failure). For slender webs, a third mode - web buckling or web
crippling - can also be observed.

The failure mode of the web panel depends on its external loading; this topic, which has
been extensively discussed in Section 3.2.2 of the present Chapter, is illustrated in Figure
3-32 where the loading of the panel is characterized by the ratio n between the left and
right loads, P, and P,,, which varies from O to 1.

The Eurocode 3 design rules for web panels in shear and load-introduction cover the
possible stress interactions. We just reproduce here that relative to the column web in

compression (Section 3.2.2.2), the validity of which should be checked in cases where
HSS is used.

‘f:vwc * twc : beﬁ"

Fopy= p et if 1< 0.673
s t’”" 5 (3-118)
et " we " g 1 022 e~ A
= pw—ﬁ[:.(l— T)} if A > 0673
}/”10 2’ ﬂ'
) eff c'fywc

with : A= 093
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1

p= p = b ifn=20
\/l+ 1.3(—-“27)
with : o+ (1= pl).2.17. if 0< n< 05
1 if 05< <1

1, is the web thickness and b,y is the effective yielding width. d. is the clear depth of the
column web, £ the Young modulus, f,.. the yield stress of the column web and A4, the
shear area of the column web panel.

The effect of the longitudinal stresses o, zs on the design resistance of the column web in
compression is taken into account by multiplying Formula (3-118) by means of the
reduction factor k.

(e}
k, =125- 05—2F < | (3-119)

ywe

On.eq 18 the normal stress in the column web, at the root of the fillet or of the weld, due to
axial force and bending moment. The minimum value of 4, is 0.75 (when o, z; is equal to

Swe)-

Formula (3-119), in itself, takes the risk of premature buckling of the web resulting from
the use of HSS into consideration through the A slenderness coefficient, but the validity
of the formula has not been demonstrated.

In the following pages, its possible extension to HSS is discussed on the basis of

comparisons with numerical simulations (Section 3.6.3.2) and experimental tests (Section
3.63.3).

3.6.3.2 Comparisons with numerical simulations

Available works with steel erades up to S355

In Section 3.2.2, we have extensively described numerical and experimental works aimed
at verifying the accuracy of the design formulae provided by Eurocode 3 revised Annex J
for the evaluation of the resistance of a column web in shear, tension and compression. In
the next paragraphs, similar investigations are carried out for joints made of higher steel
grades, up to S460.

Recent works with steel srades up to S460

Additional numerical simulations have been carried out on another double-sided joint
configuration than those considered in Section 3.2.2.3 (C configuration in [C2]) so as to
check the validity of the Eurocode 3 Formulae (3-118) and (3-119) for webs made of
HSS up to S460.
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These simulations cover cases with symmetrical loading (n = 1). The normal force in the
column is first considered as zero (f = 0) and is progressively increased for each new
simulation (3 =0,1; § =0,2; $ =0,3;...).

The results of these simulations are compared in Figure 3-143 to the Eurocode 3
predictions.

From this figure, the safe character of the Eurocode 3 formula for load-introduction may
be seen. For S460 simulations, the difference between the calculated and actual resistances
appears to be a bit higher than for the other cases; it amounts 12.4 % for f=0. This
difference is due to the reduction of 5 % of the calculated design resistance because of the
web slenderness ( A=0, 73) in the case of S460 steel grade.

The reduction of the web resistance because of the longitudinal stresses in the column
(Formula 3-119) is not so marked than in Figures 3-41, 3-42, 3-47 and 3-48, where other
joint configurations had been referred to.

200 Annex J{fy=235MPa)
v
160 v ® Simulations (fy=235MPa)
e e
160 ~~ e Annex J (fy=280MPa)
'y T~
L) & SRS 4 T~ e Simulations (fy=280MPa)
- — ..
120 ® o o o o ~-—+ Annex J(fy=355MPa)
-------------- L -~ . .
100!;" ~"*~-,~__x. - A Simulations {fy= 355MPa)
"""""""" _ - 460 MPa)
80+ \ Annex J (fy
v Simulations (fy = 460MPa)
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Figure 3-143 Variation of the joint resistance with the normal force in the column and the
steel grade (up to S460). Double-sided joint configuration (n = 1)
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3.6.3.3 Comparisons with experimental tests

Available works with steel grades up to S355

In Section 3.2.2.4, comparisons between experimental tests and Eurocode 3 design
formulae for webs in shear and/or compression have been presented. Steel grades S235
and S355 were considered.

From these comparisons, it has been concluded that the Eurocode 3 Annex J design rules
are safe and rather accurate. Only the reduction of the design resistance of the web in
compression, because of the longitudinal stresses in the column, appears as conservative.

Recent works with steel grades up to S460

In [Al], Aribert reports on several "column web resistance" tests performed at INSA
Rennes and TU Delft (see Figure 3-144). All the geometrical data are given in the
aforementioned reference. In Table 3-9, the nominal and actual values of the yield stress
of the web, f,., are indicated. It may be seen that all the MH tests carried out in Rennes
are made of HSS. All the others are of a lower yield grade and fall within the scope of the
present Annex J.

Figure 3-144 Compression tests on hot-rolled H or I profiles

In the case of symmetrical web loading, the experimental failure load Fg, s corresponds
(see Appendix 1 and Section 3.2.2.3) to the pseudo-plastic resistance of the web Fpy, s
for normal web slendernesses and to its buckling resistance for more slender webs. It can
therefore be directly compared to the Eurocode 3 Formulae (3-118) and (3-119) provided
that the actual measured yield stress is used and the y4 factor is taken as equal to 1.0.

This Eurocode 3 strength Firy, moder is reported for each test in Table 3-9, together with the
value of the reduced slenderness A. For tests in which A<0,67, the failure is due to
crushing (usually, crushing is directly followed by buckling in the case of symmetrical
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loading; anyway, Fg, is due first to crushing); for those where 2>0,67, buckling initiates
the failure.

Finally, the ratio Frp, test / Frpmoder 1S glven.

Similar comparisons have also been carried out on other tests performed in Delft [Z6].
They are reported in Table 3-10.

Through the examination of these results, the safe and rather accurate character of the
Formulae (3-118) and (3-119) may be seen for steel grades up to S460.

3.6.4 Conclusions

The possible extension of Eurocode 3 Annex J to HSS up to S460 requires the validation
of the strength evaluation formula for column webs in compression.

On the basis of new and already available numerical and experimental research results, the
safe and rather accurate character of the Eurocode 3 approach is shown. Finally, the
reduction of the resistance of the column web in compression because of longitudinal
stresses in the column (through the £, coefficient - Formula (3-119)) is seen, sometimes,
to be questionable. But as explained in Section 3.2.2, the use of this reduction coefficient
is quite justified in some applications and, because of that, it is not recommended to
remove it from the code as far as now. On the other hand, we have pointed out in Section
3.2.2.5 that the longitudinal stresses in the column were usually limited because of the risk
of flexural instability in the column, what reduces strongly the number of practical
applications were the k. coefficient is « active » and reduces the resistance of the web in
compression.
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References JSow (MPa) Experimental Eurocode 3
failure load

Laboratory | Test Section Nom. |Actual | F gy s (KN) 71 Frmeiei | Fromst

n° values | values (KN) | FRrpmodel
INSA L1 HEB 140 235 320 365 0,60 323 1,13
INSA L2 HEB 200 235 320 770 0,64 545 1,41
INSA L3 HEB 260 235 320 870 0,74 705 1,23
INSA L4 HEB 140 235 320 375 0,63 375 0,99
INSA L5 HEB 200 235 320 780 0,67 584 1,34
INSA L6 HEB 200 235 320 825 0,68 609 1,35
INSA L7 HEB 260 235 320 880 0,77 756 1,16
INSA N1 HEB 160 235 275 550 0,57 391 1,41
INSA Tl HEB 200 235 265 760 0,64 531 1,43
INSA T2 HEB 200 235 265 800 0,65 555 1,44
INSA T3 HEB 200 235 265 840 0,66 579 1,45
INSA T4 HEB 200 235 265 940 0,69 618 1,52
INSA Ml IPE 140 235 303 175 0,72 142 1,23
INSA M2 HEA 260 235 335 608 0,95 455 1,34
INSA M3 IPE 220 235 284 300 0,85 205 1,46
INSA M4 IPE 360 235 326 530 1,04 377 1,41
T.U. DELFT | L,1 IPE 240 275 367 380 I,11 269 1,41
T.U. DELFT | 2,1 IPE 240 355 425 320 1,20 295 1,08
T.U. DELFT | 3,1 HEA 240 235 317 483 0,89 413 1,17
T.U. DELFT | 4,1 HEA 300 275 357 630 1,02 371 1,10
T.U. DELFT | 5,1 HEA 500 235 286 980 0,96 797 1,23
INSA MH! |HEA 140 460 484 365 0,88 312 1,17
INSA MH2 |HEA 160 460 481 530 0,84 417 1,27
INSA MH3 | HEA 160 460 475 522 0,84 405 1,29
INSA MH4 | HEA 200 460 542 760 0,96 594 1,28
INSA MHS5 | HEA 200 460 542 740 0,95 613 1,21
INSA MH6 |[HEAA 200 | 460 610 402 1,33 373 1,08
INSA MH7 |HEAA 300 | 460 544 588 1,50 467 1,26
INSA MHS8 | IPE 240 460 566 454 1,35 330 1,38
INSA MH9 | IPEA 360 460 524 490 1,63 323 1,52
INSA MHI0 | HEA 160 460 481 580 0,89 457 1,27
INSA MHI11 | HEA 160 460 481 620 0,92 475 1,31
INSA MHI2 | HEA 160 460 481 664 0,94 493 1,35

Table 3-9 Test evaluation (Rennes database)
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References Sow (MPa) Experimental Eurocode 3
Laboratory | Test Section Nom. | Actual | failure load z FRrpmodel Frptest/
n° values | values | F,, .. (kN) (kN) FRp. model
T.U. DELFT | A00 |HE300A 235 357 660 1,02 571 1,16
T.U.DELFT| A9 |HE300A 235 357 599 1,02 571 1,05
T.U DELFT| Al0 |HE300A 235 357 682 1,02 571 1,19
T.U. DELFT | 18, 19 | IPE240 235 425 335 1,20 295 1,14
T.U.DELFT| 17 |IPE240 235 425 322 1,20 285 1,09
T.U.DELFT| 16 |IPE240 235 425 283 1,20 275 1,03

Table 3-10 Test evaluation (extra Delft tests)
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4. IDEALIZATION

4.1 Introduction

As expressed in Chapter 1, the elastic analysis of a steel frame with semi-rigid joints
requires the idealization of the behaviour laws for the beam and column elements as well as
for the structural joints in bending.

The idealization of the response for the beam and column elements is achieved through the
definition of the so-called flexural rigidity EI/L (I denotes the inertia and L the length of the
considered element). As shown in Figure 4-1, EI/L is expressed as the ratio between the
applied bending moment and the resultant rotation ¢.

The range of application of this idealized rotational behaviour is the elastic domain.
In this respect, two different approaches can be followed:
- Elastic verification of the cross-section

Further to the elastic frame analysis, the maximum applied bending moment
in each element is compared to the maximum elastic resistant moment M, gy
of the cross-section (Figure 4-1.a). M, rs corresponds to the first onset of
plasticity in the most stressed fiber of the cross-section.

- Plastic verification of the cross-section

The plastic verification consists in limiting the value of the maximum
applied bending moment in each element to the plastic moment resistance
M, rq of the cross-section (Figure 4-1.b).

M | M |

e.RdT

EI/L EI/L

() Elastic verification (b) Plastic verification

Figure 4-1 Linear idealizations of the beam and column flexural response

The second approach requires class 1 or 2 cross-sections [E1] in which local plate buckling
is likely to occur only after the plastic moment resistance is reached. M, gy and My, gy values

may be reduced, if necessary, to take into consideration any possible interaction with
normal or shear forces in the cross-section.
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Quite similar idealizations are required for structural joints.

For consistency in the frame analysis, the moment-rotation curves of the joints have also to
be linearly idealized (Figure 4-2). The corresponding stiffness S; characterizes the rotational
spring which allows to take the semi-rigid behaviour of the joint into consideration when
analyzing the structure.

As for beam and column elements, two approaches may be considered for class 1 and 2
joints :

¢ Elastic verification of the joint ;

¢ Plastic verification of the joint.

M M
- - - -
T .7 M Rd / d
2z M / {
3 Rd 7 4 T1
Sj.ini Sj.equ
o -
(a) Elastic verification (Si=S;m) (b) Plastic verification (S;=S;..)

Figure 4-2 Linear idealizations of the joint flexural response

When a plastic analysis of the frame is contemplated, it is usually recommended, for
beams and column cross-sections, to refer to the so-called « plastic hinge idealization ».
A similar concept also applies to joints; it is described and commented in Appendix 2 of
the present thesis. In the present chapter, the linear idealization of the joint response in
view of an elastic structural analysis is discussed.

4.1.1 Elastic verification of the joint

In the case of an elastic verification of the joint, the linearized M-¢ response is to be
characterized by the initial elastic stiffness Sj;,; (Figure 4-2.a). The maximum bending
moment to be reached in the joint is the elastic moment resistance which is defined in
Eurocode 3 Annex J [E2] as equal to 2/3 of the design resistance Mgg.

This idealization may be referred to when considering serviceability or ultimate limit-states
for the frame. It is anyway of particular interest for severe serviceability conditions; in such
a case, the use of the initial stiffness is likely to reduce the transverse displacement of the
beams as well as the lateral drift of the storeys and of the whole frame.
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The designer may also take profit of the full resistance of the joint by accepting to reach
Mp, in the joint subjected to the highest loads in the structure. The verification of the joint is
then said "plastic".

4.1.2 Plastic verification of the joint

In beam and column elements made of H or I sections, the ratio between M, rs and M, gy
(see Figure 4-1) is so limited (=1,14) that the plastic verification of the most loaded section
may be simply based on the diagram of internal forces resulting from the elastic global
analysis in which the flexural behaviour of the members is characterized by the elastic
stiffness EI/L. This is no more possible for joints where the use of the initial elastic stiffness
S;ini beyond the elestic limit 2/3 Mg, leads to unacceptable overestimations of the joint
stiffness and resistance properties.

An idealized joint response characterized by a reduced elastic stiffness Sj.4, has therefore to
be substituted to the complex and non-linear actual M-¢ curve (Figure 4-2.b) but in such a

way that the resulting global frame response is not significantly affected compared to the
actual one.

This equivalent reduced stiffness Sj.q, is to be used in the global frame analysis in view of a
consistent determination of the internal forces in the frame.

The type of verification - elastic or plastic - is therefore seen to influence the joint stiffness
which has to be introduced in the global frame analysis.

4.1.3 Equivalent elastic stiffness for plastic joint verification

With a view to determine the equivalent stiffness S, different rectangular and pitched-
roof structures (Figure 4-3) have been numerically studied (for different types of joints) by

means of the non-linear finite element program FINELG [F1] and this, in the two following
cases :

e exact numerical simulation, i.e. actual non-linear behaviour of the joint;
o numerical simulation with an idealized joint response, i.e. linearized joint response.

The equivalent stiffness recommended in the old Annex J for beam-to-column joints was
the secant stiffness corresponding to the design resistance Mg, (see Figure 4-4.a.). In the

new revised Eurocode 3 Annex J, on the other hand, a value of S;in/2 18 recommended
(Figure 4-4.b).

The secant stiffness corresponding to Mgy is defined in the new revised Annex J as equal to
Sj,m/4 With, for instance, | equal to 3 for welded joints and bolted joints with end-plates. In

the present paper, | is first taken as equal to 3 for simplicity. The generalization to other
values of | is then made afterwards.

The numerical simulations have been performed by considering successively these two
different recommendations so as to evaluate their respective accuracy.
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(a) Rectangular
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Figure 4-3 Reference frames

4.4.
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-

(a) Old Eurocode 3 Annex J (b) Revised Eurocode 3 Annex J

Figure 4-4 Recommended linear idealizations of the joint response for plastic
verification

For non-sway frames, the structural response under service loads and at collapse is seen to
be not highly affected by the definition of the equivalent stiffness, Sj;/3 or S;i./2. In both
cases, the frame with idealized joint response exhibits a safe and relatively accurate
response in comparison to the exact one. This point has been largely discussed in [J1].

For sway frames, on the other hand, the numerical simulations show that the use of S;;,/3 is
unsatisfactory; it leads to large and uneconomical overestimations of the frame
displacements [J1]. The value of S;;,/2 is better, generally safe, but can sometimes lead
to underestimations of the transverse displacements. In both cases, the response of the

frame at collapse is seen to be less significantly affected by the value of the equivalent
stiffness.

In the present chapter, an original and simple formula for the assessment of the
equivalent stiffness Sj.4, is proposed for beam-to-column joints. Its derivation is first
made in the case of rectangular building frames. It is then extended to pitched-roof portal
frames where beam and columns - with constant geometrical properties over the length -
are no more perpendicular.

4.2 Rectangular frames

The derivation of a formula for the assessment of the equivalent stiffness Sj.,, is based
on a two-step procedure described in the following paragraphs.

Step 1 : Evaluation of the rotation @,,,,

The rotation ®,,,, is defined as an estimation of the mean rotation in the joints acting at the
ends of the considered beam. It is determined, as shown in Figure 4-5 by similarity with the
so-called "wind connection method" as far as it is assumed to result from the beam
deformability only (the column being considered as rigid) :
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3
G = ol . ML, in the case of distributed load g (4-1)
24 EI b 2 EI b
2
Opean = PL, MLy in the case of concentrated load P 4-2)
16 EI, 2 EI,
at mid-span
where [ is the beam inertia;
Ly, is the length of the beam;
M is the moment at beam end.
q q
: M( M )M
——
‘ ¢m ean g
- "o . L Lb o
-
(a) Rectangular frame - (b) Idealized beam

Figure 4-5 Definition of @,,,, (distributed load)

In the present procedure, the equivalent stiffness is defined as the actual secant stiffness
corresponding t0 Qpeq, (Figure 4-6), so M = S; .0y @mean. By introducing this expression
into equations (4-1) and (4-2), the following value of @yeq, is derived :

qL;

0 = distributed load ¢ 4-3)
mean 2
2EE g
b
Dpnean = 5 EIPLb concentrated load P (4-4)
8( ’ + S j,equ)
b
at mid-span

Step 2 : Derivation of Sjeq

For each value of @4, the actual corresponding moment M may be estimated by
referring to the approximated tri-linear moment-rotation curve (see Figure 4-6). The
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equivalent stiffness Sj.q can then be derived by expressing S;.q as the ratio between M
and @y..q,- In this procedure, three different cases have to be identified :

M
2M
d)el = =
3Sj,im'
q) _ “‘MRd — 3MRd
- 1S S

Figure 4-6 Definition of S; .., as dependent of M and @pean

. mean S ¢ el

In this elastic range of joint behaviour :
S =9

J.equ Jini

(4-5)

* q)el < (I)mean '<‘ q)pl

The straight line characterizing the intermediate part of the tri-linear M-¢ curve in
Figure 4-6 has the following equation :

2
M-—M
3 kd — q)mean —¢el

MRd_%MRd q)pl—q)el

(4-6)

By replacing M by S;cqu-@mean and @peqn by expressions (4-3) and (4-4), the
following values of §; ., may be obtained.
quf Sj,ini + 96 E[% Mra

Siew = b distributed load 4-7
Jieq 7qL,f 48 M q 4-7)

PLb Sj,im' + 64 %— MRd
Siem = b trated load P at mid- 4-8
Jeq 7 PLe - 32 Mo concentrated load P at mid-span (4-8)

The two expressions of S; may be written in the following format :
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S]z Mﬁxed4R MRd
7 Mﬁxed- 4 M4

Sj,equ =

(4-9)

where  Mjy.q is the end moment at the fixed ends of a symmetrically loaded beam;

R 1is the beam stiffness (2EI,/Ly).
o q)mean > ¢ pl

In this plastic range of behaviour, S ., is taken as equal to the secant joint stiffness
corresponding to Mg, SO :

S =S /=S, /3 (4-10)

j.equ J,ini
For practical applications, the procedure is simply used as follows :
e S;equ 18 calculated through the following formula :

¢ - S].’im.+2(u—1)Rp
P (3u-2)=-2(u—1)p

(4-11)

which generalizes formula (4-9) for any value of u; the value obtained through
formula (4-11) is considered as correct if :

S,m/WES, . <8,

equ Jhini

(4-12)

In expression (4-11), p is defined as Mry/Mfizea.

e If condition (4-12) is not fulfilled and S;,, calculated through formula (4-11) is
greater than S; ;;, then Sj cqu = S ini-

e If condition (4-12) is not fulfilled and ;. calculated through formula (4-11) is
lower than Sj,,-,,,-/u, then Sj,equ=sj,ini/u-

4.3 Pitched-roof portal frame

The expression derived for rectangular frames can not be directly extended to pitched-roof
portal frames. The concept of equivalent stiffness and the global procedure followed in

section 4.2 for rectangular frames can however, as demonstrated hereafter, be applied to
pitched-roof portal frames.

Step 1 : Evaluation of the rotation Qpean

The beam to analyse in this specific case is that represented at Figure 4-7.b. As for
rectangular frames, the mean rotation @, is assumed only to result from the beam
deformability (columns considered as rigid in bending) :
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_gcosol; Mg,

= distributed load (4-13)
¢mean 3EIb EIb q
2
O poan = Peosaly _ MY, concentrated load P at roof ridge  (4-14)
AEI,  EI,
where I, is the beam inertia;

£, is the length of the inclined parts of the rafter as defined in Figure 4-7.a;

M is the moment in the joint;

o 18 the inclination of the beams.

(a) Pitched-roof portal frame (b) Idealized beam

Figure 4-7 Definition of ¢y, (distributed load)

If a generalized definition of the length of the whole beam is taken as :
L,=24, (4-15)

as shown in Figure 4-7, expressions (4-13) and (4-14) so become :

o = gcosol; _ ML,
"t 24EI,  2EI,

distributed load ¢ (4-16)

o = Pcosol; _ ML,
e 16 EI 2EI,

concentrated load P at roof ridge (4-17)

These two expressions are quite similar to the (4-1) and (4-2) ones, except that the
vertical load g (expressed by unit length of the inclined parts of the beam) is multiplied
by cos .
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Step 2 : Derivation of S equ

The evaluation of Sj.. proceeds exactly as explained in Section 4-2 and, as for
rectangular frames, it can be concluded, when ¢.; < @ean < @i, that :

S. M. +4RM,,

S-e . — J.ini™"" fixed (4_18)
e 7Mﬁxed - 4MRd
where : Mjireq is the end moment at the fixed ends of an equivalent straight beam of

length L, =2/, symmetrically loaded;
R is the stiffness of the equivalent straight beam (R=2EI,/L;, with L, = 2/,

Cases where @pean < @er and @pean > @ are similar to those described in section 4.2.

As for rectangular frames, the expression of the equivalent stiffness may be generalized
to any value of L.

4.4 Accuracy of the proposed formulae

To check the validity of the proposed expressions, comparisons have been made, for the
non-sway reference frames, between the transverse displacement, under service loads,
obtained respectively through two types of numerical simulations :

e numerical simulation with actual joint response;
e numerical simulation with the linearized joint response.

4.4.1 Rectangular frames

The comparisons have been performed for all the four considered sway structures (Figure
4-3.a) with different joint types (extended end-plates, flush end-plates, ...) so justifying
the number of data reported in Figure 4-8.a and Figure 4-8.b. The interested reader is
begged to refer to [C1] for detailed information about this work.

It can be seen from Figure 4-8.a where the proposal expressed in Section 4.2 is checked
that the majority of the calculated displacements differ of less than 5 % from the actual
ones. This accuracy is of primary importance but in view of a practical application, the
simple format of the proposed approach has also to be highlighted.

As already mentioned, a value of Sj .4, = S;n/2 has been selected in Eurocode 3 Annex J.
Figure 4-8.b shows how the displacements obtained through this way compare with the

actual ones. An overestimation up to 50 % of the transverse displacements may be
observed, but in many cases it does not exceed 25 %.
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a Sjequ

- - actual displacement +5%
—— —actual displacement +10%

- - actual displacement -5%
— —actual displacement -10%
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Actual displacement (mm)
(@) Sjequ according proposal in Section 4.2
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(b) Sj,equ= j.imi/2

Figure 4-8 Comparisons between actual and calculated frame transverse displacements

under service loads - Rectangular frames
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4.4.2 Pitched-roof portal frames

Similar comparisons have been performed on pitched-roof portal frames (Figure 4-3.b)
for different types of joints and loadings (distributed loads and concentrated ones). The
conclusions (Figure 4-9) are seen to be quite similar to those drawn in the case of
rectangular frames.

& Sj,equ
- actual displacement +5%
—— —— actual displacemnet +10%

- actual displacement -5%

Calculated displacement (cm)
w

—— —— actual displacement -10%

0 0,5 1 1,5 2 25 3 3,5 4 4,5 5
Actual displacement (cm)

(@) §jequaccording to proposal in Section 4.2

B Siini2
- actual displacement +5%
— —— actual displacemnet +10%
- actual displacement -5%

—— —— actual displacement -10%

Calculated displacement (cm)
w

0 0,5 1 1.5 2 2,5 3 3,5 4 4,5 5
Actual displacement (cm)

(b) Sj,equ = j.im/2

Figure 4-9 Comparisons between actual and calculated frame transverse displacements
under service loads - Pitched-roof portal frames
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4.5 Conclusions

In view of a structural elastic linear analysis, the joint M-¢ curves have to be linearized.
Further to the frame analysis, the sufficient resistance of the joints has to be checked. In
this respect, two classical check procedures - the elastic one and the plastic one - are
available. The way to linearize the M-¢ curves in both cases has been shown and a simple
and reliable procedure to derive the elastic stiffness to be used for joint plastic
verification has been suggested. It applies to beam-to-column joints belonging to
rectangular and pitched-roof portal frames where the possible beam splices or ridge

connections are assumed to be rigid, what is not very restrictive from a practical point of
view.
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5. CLASSIFICATION
5.1 Introduction

The analysis of a building frame is aimed at evaluating the value of the internal forces
acting in the beam and column cross-sections as well as in the joints. It requires first the
idealization of the structural systems and support conditions, and the modelling of the
constitutive elements : beams, columns and joints.

The modelling of the joint is dealt with in Chapter 1 (Section 1.3), where three different
types of modellings are defined :

e continuous modelling;
e semi-continuous modelling;
e simple modelling.

The procedure on how to select the appropriate type of modelling according to
Eurocode 3 is presented in Figure 1-13, it is highly dependent on the type of analysis
which is planned and the stiffness and/or resistance classes to which the joints belong.

Eurocode 3 criteria for stiffness and resistance classification of beam-to-column joints are
described in Section 1.6.

The resistance classification system of Eurocode 3 is quite simple and is not often
criticized. Things are different as far as stiffness classification is concerned.

In this chapter, the background of the Eurocode 3 stiffness classification system is first
briefly recalled and the actual research streams in this field are then discussed. Finally, the
way to extend the Eurocode 3 classification systems to joints in pitched-roof portal frames
is introduced and validated.

5.2 Eurocode 3 stiffness classification

As explained in Section 1.6.2, the stiffness classification is achieved in Eurocode 3 Annex
J by comparing the initial joint stiffness S, ;» to stiffness boundaries :

e Pinned joint : S,m<005EL /L, (5-1)
e Semi-rigid joint : S;m<8EI /L,  (braced frames) (5-2.2)

25 EI, / L, (unbraced frames) (5-2.b)
e Rigid joint : Simi = 8 Ely/ Ly (braced frames) (5-3.2)

>25FEl,/L, (unbraced frames) (5-3.b)
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where I, and L, are respectively the second moment of inertia and the length of the
connected beam.

These criteria are illustrated in Figure 5-1 in the particular case of unbraced frames.

1. RIGID Sj,ini >25 Elb/ Lb

1 2. SEMI- RIGID

3. NOMINALLY PINNED
Sj,ini = 05Ely/Ly

Figure 5-1 Eurocode 3 criteria for stiffness classification
(joints in an unbraced frame)

The boundary to distinguish rigid joints from semi-rigid ones differs for braced and
unbraced frames. This specific point is discussed later in 5.3.

The stiffness classification of Eurocode 3 originates in the Netherlands and its background
has been published some years ago by F. Bijlaard and M. Steenhuis in [B4]. Let us follow
them in the justification of the stiffness boundaries between the rigid and semi-rigid
domains.

The distribution of forces and moments in a structure is influenced by the flexibility of the
joints. This also holds for the stability.

According to F. Bijlaard and M. Steenhuis, the influence of the joint flexibility on the
global frame response may be neglected until it does not lead to a decrease of the Euler
buckling load of the frame higher than 5 %. In other words, the Euler buckling loads of
the frame with joints assumed to be rigid rigid (F.,,) and actual semi-rigid ones (F.rs)
have to be evaluated and the actual joints may be considered as fully rigid as long as :

17{:7’ sr
s 605 (5-4)

cr,r

To evaluate the related stiffness boundaries, the single-bay single-storey frame illustrated
in Figure 5-2 is selected; it is assumed to be braced or unbraced according to the case
being considered.
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As shown by Meijer [M1], the criterion (5-4) may be expressed in the form of a
mathematical relationship between ¢ and p where :

— Lb

=S . 5-5
c J.ini E]b ( )
and
ELH
= < 5-6
p LE (5-6)

In these expressions, £I,/L, and EI/H, are the flexural stiffnesses of the connected beam
and column respectively.

Siinibb 40
Elp

c=

32 |- unbraced frame

25 |—
24 |-

P =
EI_.Ly

Figure 5-2 Relationship between ¢ and p

Criterion (5-4) applies to the Euler buckling loads, whereas it could appear more justified
to limit the influence of the joint flexibility on the design carrying capacity Fgy of the
frame.
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In fact that is what happens. On the basis of the well-known Merchant-Rankine formula
[W3]:
— 1
Fpy= [—L+ LJ (5-7)

it may be shown that the design carrying capacity Frs will drop by no more than 5 % as
soon as the criterion (5-4) is satisfied. F}, is the first order rigid-plastic resistance of the
frame.

From a practical point of view, the use of the mathematical relationship illustrated in
Figure 5-2 is rather tedious; it also requires the evaluation of the p parameter which is
often unknown in the preliminary design steps. In Eurocode 3, a further simplification has
therefore been achieved.

A constant boundary value has been selected for the parameter factor ¢, which becomes

so independent of the parameter p. For braced frames the boundary value is ¢= 8 and for
unbraced frames this boundary value is c= 25.

The lines of ¢= 8 and c= 25 are drawn in Figure 5-2. In this figure, it may be seen that
the boundary value c= 8 covers completely the p- ¢ relationship for braced frames. The
boundary value c= 25 for unbraced frames covers the p- ¢ relation only if p > 1,4. For
p < 1,4, the boundary value c= 25 is in principle unsafe. This is not really a problem; in
[B5], it has been shown that at the value of p = 0,1 the Euler buckling load based on
¢= 25 would be no more than 85 % of the Euler buckling load if the value for c =25
would be ¢= . For relative slender frames, this means that the carrying capacity of the
frame based on the Merchant-Rankine formula drops as follows :

